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1. INTRODUCTION

Evaluating the seismic behavior of a saturated soil, from sand to clay, requires addressing the
potential for significant strains or strength loss that can contribute to ground deformations or
instability during or following the occurrence of an earthquake. The procedures that are best
used to estimate potential strains and strength loss during earthquake loading are different for
sand from those for clay, in the same way that the procedures for estimating their static shear
strength and stiffness properties are different. The situation is, however, more complicated for
low-plasticity silts and clays that are near the transition between "sand-like" and "clay-like"
behavior. Recent experiences with ground failure in low-plasticity silts and clays during strong
earthquakes have highlighted the need for an improved fundamental understanding of their
seismic behavior and for related guidance on the engineering procedures that are most
appropriate for evaluating their seismic behavior.

The term "liquefaction" has taken on different meanings in the literature, and it is therefore
important to start by defining it and other key terms used in this report. The terms "sand-like"
and "clay-like" are used in this report to describe fine-grained soils whose stress-strain behavior
during monotonic and cyclic undrained shear loading is fundamentally similar to that of sands
and clays, respectively. The term "liquefaction" is used to describe the onset of high excess pore
water pressures and large shear strains during undrained cyclic loading of sand-like soils, while
the term "cyclic failure" is used to describe the corresponding behavior of clay-like soils. The
stress-strain behavior of a sand specimen that develops liquefaction can look quite similar, in
some cases, to that of a soft clay specimen that develops cyclic failure. Consequently, the terms
liquefaction and cyclic failure do not necessarily imply strong differences in the observed stress-
strain response during undrained cyclic shear loading, but rather will be used in reference to soils
whose fundamental soil mechanics behaviors are different and whose seismic behaviors are best
evaluated using different engineering procedures. The basis for these distinctions is described in
more detail in Section 2 of this report.

The purpose of the study described herein was to develop rational guidelines and analytical
procedures for evaluating the potential for liquefaction or cyclic failure of low-plasticity silts and
clays during earthquake loading. The scope of work involved: (1) developing revised
liquefaction susceptibility criteria for fine-grained soils, (2) developing analytical procedures for
evaluating the cyclic failure potential of clay-like fine-grained soils, and (3) demonstrating these
new criteria and procedures through application to case histories. These tasks are described in
more detail at the end of this section, after a brief overview of current liquefaction susceptibility
guidelines in engineering practice.

Current guidelines in engineering practice

For the past two decades, the Chinese Criteria have been widely used as a means for
evaluating the liquefaction susceptibility of silts and clays. The basis for these criteria came
from observations of "liquefaction" in fine-grained soils at various sites in China during strong
earthquakes, as reported by Wang (1979). For example, Fig. 1-1 shows Wang's plot identifying
those CL, CL-ML, and ML soils that were reported to have liquefied. Wang's paper provided no
details regarding how the field data were collected or interpreted, and thus it is not possible to
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ascertain whether the true soil behavior would be best described as liquefaction (i.e., sand-like
soil behavior) or cyclic failure (i.e., clay-like soil behavior). Nonetheless, there were few data to
rely on in 1982, and so Seed and Idriss (1982) incorporated Wang's findings in their monograph,
wherein they wrote:

"Both laboratory tests and field performance data have shown that the great
majority of clayey soils will not liquefy during earthquakes. However, recent studies
in China (Wang 1979) have shown that certain types of clayey materials may be
vulnerable to severe strength loss as a result of earthquake shaking. These soils
appear to have the following characteristics (combined):

Percent finer than 0.005 mm < 15%
Liquid Limit (LL) <35
Water Content > 0.9 x Liquid Limit

If soils with these characteristics plot above the A-line on the Plasticity chart, the
best means of determining their cyclic loading characteristics is by test. Otherwise,
clayey soils may be considered non-vulnerable to liquefaction."

Koester (1992) later showed that LL values determined using the Casagrande cup (US practice)
gave LL values that were about 4 percentage points greater than LL values determined using the
fall cone device (Chinese practice), and subsequently suggested appropriate changes to these
criteria for use in the US.

More recently, Andrews and Martin (2000) reviewed empirical observations from a few case
histories, discussed the relevance of various indices, and recommended the following matrix for
evaluating liquefaction susceptibility of these soils based on LL and minus 2pm fraction.

Liquefaction susceptibility criteria by Andrews and Martin (2000)
LL <32 LL>32
Minus 2 pm Susceptible to liquefaction Further studies required
fraction < 10% [Consider plastic nonclay sized
grains]
Minus 2 pm Further studies required Not susceptible to liquefaction
fraction > 10% [Consider nonplastic clay sized
grains]

LL determined by Casagrande-type percussion apparatus.

Another recent guideline was provided by Seed et al. (2003), who were influenced by
observations of ground failure in fine-grained soils in the 1999 Kocaeli and Chi-Chi earthquakes
(e.g., Stewart et al. 2003, Bray et al. 2004a,b). The guidelines proposed by Seed et al are
graphically shown in Fig. 1-2, wherein the "liquefiability of soils with significant fines content"
is described by three zones on the Atterberg Limits Chart; Zone A soils are considered
potentially susceptible to "classic cyclically induced liquefaction" if the water content is greater
than 80% of the LL; Zone B soils are considered potentially liquefiable with detailed laboratory
testing recommended if the water content is greater than 85% of the LL; and Zone C soils
(outside Zones A and B) are considered generally not susceptible to classic cyclic liquefaction,
although they should be checked for potential sensitivity. These criteria are similar to those
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reported by Bray et al. (2004a) based on the results of cyclic triaxial tests on field samples taken
from areas of ground failures during the 1999 Kocaeli earthquake. Bray et al. (2004a) concluded
that soils with PI<12 and water contents greater than 85% of the LL were susceptible to
liquefaction (note that PI=12 is the upper boundary on Seed et al's Zone A in Fig. 1-2), while
soils with 12<PI<20 and water contents greater than 80% of the LL were "systematically more
resistant to liquefaction but still susceptible to cyclic mobility" (note that PI=20 is the upper
boundary on Seed et al.'s Zone B in Fig. 1-2).

The nature of empirical field data is also well illustrated by the recent results obtained in
Adapazari, Turkey by Bray et al. (2004b). They plotted the characteristics of fine-grained soils
that were identified as having "liquefied" at 12 building sites during the 1999 Kocaeli
earthquake, as shown in Fig. 1-3. The four parts of this figure show gradational characteristics
and Atterberg Limits, along with comparisons to the original Chinese Criteria and the criteria by
Andrews and Martin (2000). Recognizing that every bullet in these plots is considered a soil that
"liquefied," Bray et al concluded that gradational characteristics are not a reliable indicator of
liquefaction susceptibility. The guidelines proposed by Seed et al. (2003) and the Atterberg
Limits data from Adapazari are compared in Fig. 1-4, showing that Seed et al.'s Zone A provides
a close envelope of the data compiled by Bray et al. (2004b). In reviewing these and other field
data, the challenge is determining whether a fine-grained soil that appears to have "liquefied"
based on damage observations at the ground surface would, in fact, be best described as having
fundamentally sand-like rather than clay-like soil mechanics characteristics.

Empirical data and guidelines, like those described above, are best viewed as envelopes of
the fine-grained soil types that have been observed to experience significant strains or strength
loss during earthquakes. As shown in Figs. 1-1 to 1-4, the field observations have included
nonplastic silts (which behave like sands) and soft clays. It would be incorrect, however, to
subsequently conclude that the potential for significant strains or strength loss in soil types that
fall within these envelopes can be evaluated or predicted using the same set of engineering
procedures. In fact, the original statements by Seed and Idriss (1982) recommended cyclic
laboratory testing for CL and CL-ML soils (i.e., plotting above the A-line) as opposed to the SPT
and CPT procedures that they presented for sands and silty sands. Perlea (2000) presented a
recent review of the cyclic loading behavior of "cohesive" soils and similarly concluded that the
best way to evaluate their cyclic loading behavior was to perform laboratory testing of field
samples. Nonetheless, it has often been assumed that soils classified as "liquefiable" by these
various criteria can all be analyzed using the SPT- and CPT-based liquefaction correlations that
were derived primarily from case histories involving sands, silty sands, and sandy silts.

It follows that a potential source of confusion in the derivation and use of empirical
"liquefaction susceptibility" guidelines for fine-grained soils stems from two related issues: (1)
the expectation that the term "liquefaction" should correspond to a single underlying soil
mechanics behavior, and (2) the difficulty in accurately inferring fundamental soil mechanics
behaviors based on observations of damage at the ground surface. The implicit presumption has
commonly been that field observations (e.g., settlements, foundation failures, ground cracking,
soil ejecta) can be reliably used to infer the nature of the underlying soil behavior (e.g., sand-like
versus clay-like behavior), which is a tenuous situation in many cases. The fact is that the
empirical observations, on their own, provide only limited insight into the underlying mechanics
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of the soil behavior or the appropriate means to predict that behavior. Without a better basis in
soil mechanics, it is impossible to properly judge the applicability of the resulting empirical
guidelines to other site and soil conditions. This potential source of confusion can be partly
alleviated by maintaining different terms to describe the onset of significant strains in sand-like
versus clay-like fine-grained soils, and this is why it is recommended herein that the term
"liquefaction" be reserved for describing sand-like soil behavior and the term "cyclic failure" be
reserved for describing clay-like soil behavior.

Lastly, a common misuse of empirical liquefaction susceptibility guidelines for fine-grained
soils has been the presumption that a classification as "nonliquefiable" means that a soil is not
susceptible to strength loss or cyclic failure during an earthquake. This presumption is incorrect
as demonstrated by several important case histories, including three that are described in Section
4 of this report.

Purpose and scope of this study

The purpose of this study was to develop rational analytical procedures and guidelines for
evaluating the potential for liquefaction or cyclic failure of low-plasticity silts and clays during
earthquake loading. The scope consisted of the three main tasks summarized below.

e Establish a soil mechanics framework upon which the undrained cyclic loading behavior
of silts and clays with varying levels of plasticity can be grouped and characterized. This
task involved a detailed review of experimental test results for fine-grained soils, and
included the development of soil-mechanics-based criteria for distinguishing between
soils that are susceptible to liquefaction (sand-like behavior) versus cyclic failure (clay-
like behavior).

e Develop analysis procedures for evaluating the cyclic failure potential of clay-like soils.
The framework for this cyclic failure procedure was kept as similar as possible to the
framework that has been used to develop most semi-empirical liquefaction procedures.
The resulting procedure offers the ability to directly compare the expected cyclic
behavior of saturated sand and clay strata in the same soil profile, and to address the
issues of triggering and consequences within the same context for either soil type. Other
advantages and insights offered by having a common analysis framework for evaluating
both liquefaction and cyclic failure potential are illustrated later in this report.

e Apply the new criteria and procedures to case histories that involved a range of
earthquake-induced ground deformations, from acceptable movements to instability, at
sites underlain by silt and clay strata. The recommended liquefaction susceptibility
criteria and the cyclic failure procedure will be shown to reasonably distinguish between
the conditions that did and did not lead to ground deformations at these sites. In addition,
these case histories illustrate the limitations inherent in some of the current engineering
guidelines and the difficulties with interpreting the underlying soil mechanics behavior of
saturated fine-grained soils based solely on the observed ground surface deformation
patterns.

The above three tasks are covered in Sections 2, 3, and 4 of this report, respectively, while the
major findings and recommendations are summarized in Section 5.
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2. CYCLIC LOADING BEHAVIOR OF FINE-GRAINED SOILS

2.1 Characteristics of sand-like and clay-like soil behavior

Sands and clays have some basic differences in behavior that lead to the use of different
engineering procedures for assessing their strength and compressibility characteristics.
Classification systems, such as the Unified Soil Classification System (USCS), recognize these
differences by emphasizing the importance of particle size and size distribution for coarse-
grained soils and the importance of plasticity for fine-grained soils. A review of the basic
behavioral differences and corresponding differences in engineering analysis procedures for
sands and clays is helpful before addressing the issue of soils with intermediate characteristics.

For sands, some key features of both their behavior and the common engineering procedures
used to characterize them are as follows.

The stress-strain behavior of sand is strongly dependent on its relative density (Dg)
and confining stress.

Sands generally have a small enough compressibility that their Dg does not change
significantly as the effective consolidation stress is increased.

Sands have no unique relation between Dgr (or void ratio, e) and confining stress
history. Rather, the Dr of sand is more closely determined by the depositional
environment and other factors (e.g., seismic loading history).

The slope of the critical state line in void ratio (e) versus logarithm of mean effective
stress (p') space is different from the slope of any virgin consolidation line.

Sands are highly susceptible to disturbance using conventional tube sampling
methods. One contributing factor is that sand can drain during conventional tube
sampling, losing most of its effective stress, and therefore becoming easily disturbed
by the vibrations and strains imposed during the various steps involved in getting the
sample from the bottom of a borehole to the inside of a laboratory device.

The cyclic loading behavior of sand cannot be reliably determined using laboratory
testing of samples obtained using conventional sampling methods because the effects
of sampling disturbance are too significant. Recourse to frozen sampling techniques is
possible, but the expense makes this a seldom used option.

SPT and CPT penetration resistances are reasonably sensitive to variations in a sand's
Dr and other characteristics, such that these penetration tests can be correlated to
various sand behaviors (e.g., from drained effective friction angles to undrained
cyclic resistance ratios).

For the above reasons, it has become common practice to characterize sand deposits
using in situ penetration tests and semi-empirical correlations as opposed to
laboratory testing of field samples.

For clays, some key features of their behavior and the common engineering procedures used
to characterize them are as follows.

Clays generally have a large enough compressibility that their void ratio or density is
highly dependent upon the effective consolidation stress and consolidation stress
history.
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Clays can exhibit a relatively unique relation between void ratio and confining stress
history.

The critical state line and virgin consolation lines for many non-cemented clay soils
are approximately parallel, which means that the undrained shear strength can be
expressed as a relatively unique function of the effective consolidation stress and
overconsolidation stress ratio.

Clays are less susceptible to disturbance from thin-tube sampling techniques,
provided sampling is done properly. One contributing factor is that clays are
sufficiently impermeable that they remain undrained during sampling, and therefore
retain some fraction of their in situ effective confining stress during the sampling
process (via negative pore water pressures).

Monotonic and cyclic undrained strengths of clays can be evaluated using laboratory
testing of samples obtained using high-quality sampling techniques. Disturbance
effects can be minimized by reconsolidating samples in the laboratory using either
the "recompression" or "SHANSEP" techniques, with the choice depending on the
characteristics of the particular soil being evaluated (Ladd 1991).

Determining the preconsolidation stress profile for a clay deposit, whether by
consolidation testing or knowledge of the geologic or historical loadings, is usually
the single most important step in characterizing a deposit's strength and
compressibility characteristics. Subsequently, empirical relations between s,, Gy,
and OCR for clay can be sufficiently accurate for many engineering applications.
CPT penetration resistances are directly related to the undrained shear strength of
clay and provide a valuable means of assessing the spatial variability of clay
deposits. General correlations between undrained shear strength and CPT penetration
resistance have significant uncertainty, and thus it is generally advisable to develop
site-specific correlations (i.e., laboratory tests or in situ vane shear tests for more
accurate point-specific estimates of undrained shear strength that can be used to
calibrate the CPT correlation).

SPT penetration resistances provide only a coarse correlation to the undrained shear
strength of clay.

For the above reasons, it is widely accepted in practice that the most reliable
characterization of a clay deposit includes laboratory testing of high quality field
samples in combination with a program of in situ testing (e.g., CPT soundings and
vane shear testing) and knowledge of the geologic history of the site.

For the broader category of fine-grained soil, the issues are complicated by the transition in
engineering behavior that occurs between nonplastic silt (which behaves like sand in many
respects) and more plastic clay. The remainder of this section addresses these issues through the
following steps:

The undrained monotonic and cyclic loading behavior of sand is reviewed.

The undrained monotonic and cyclic loading behavior of clay is reviewed.

The transition between clay-like and sand-like behavior for fine-grained soils is
evaluated and discussed based on experimental observations.

Index tests for distinguishing between clay-like and sand-like soils are discussed and
guidelines for making these distinctions are developed.

2-2



e The effects of static shear stresses on the cyclic loading resistances of sand-like and
clay-like soils are reviewed, followed by the derivation of simple relations for
describing the effects of static shear stresses on the cyclic loading resistances of clay-
like soils.

Recall that the terms "sand-like" and "clay-like" were adopted in this study for describing fine-
grained soils that exhibit monotonic and cyclic stress-strain behaviors that are fundamentally
similar to those of "sands" and "clays," respectively.

2.2 Undrained monotonic and cyclic loading behavior of sand

The behavior of saturated clean sand under undrained monotonic and cyclic loading has been
studied extensively, with the resulting behaviors well described in the literature. The purpose of
this section is not to provide a complete review of behavior, but rather to draw out some key
features that will subsequently provide a useful reference for distinguishing the differences in
behavior between sand-like and clay-like fine-grained soils.

The undrained response of saturated sand to monotonic shear loading is illustrated by the
triaxial compression test results in Fig. 2-1 for Toyoura sand with Dr of 16, 38, and 64% under
consolidation stresses ranging from 10 to 3000 kPa (Ishihara 1993). For any given Dg, the shape
of the stress-strain curves and the stress-paths are affected by the consolidation stress (o3.'), but
the undrained shear resistance at large strains is relatively independent of o3.'. The undrained
shear resistance at large strains is, however, very sensitive to Dg, as illustrated by the order of
magnitude differences in the scales used to present the results for each value of Dg. The results
of these tests are consistent with critical state concepts, in that the undrained critical state
strength is strongly dependent on void ratio (or Dr) and essentially independent of initial
consolidation stress.

The stress paths for sand in undrained monotonic shearing often show an initially contractive
response (positive pore pressure increments since volume change is zero) followed by a
transition to an incrementally dilative response (negative pore pressure increments), as illustrated
by the data for Toyoura sand in Fig. 2-2. The transition from incrementally contractive to
incrementally dilative response during undrained shear is termed phase transformation (Ishihara
et al 1975), and it corresponds to a local minimum in the mean effective stress and often a local
minimum in the shear resistance (i.e., points P and Q in Fig. 2-2). This local minimum in shear
resistance is referred to as a quasi-steady state (QSS) condition (Ishihara 1993), and the line
connecting these points on an e-log(p') plot is called the quasi-steady state line (QSSL).

The undrained cyclic loading behavior of saturated sand is illustrated by the results of a
stress-controlled cyclic triaxial test on saturated Sacramento River sand shown in Fig. 2-3. As
cyclic loading progressed, there was a progressive increase in excess pore water pressure (Au)
and corresponding reduction in mean effective stress (p', expressed as a ratio of the mean
consolidation stress p.' = (01t 02.'+03c')/3). The excess pore pressure ratio (r,=Au/cj.' for
triaxial tests and r,=Au/c,.' for field conditions) increases to a maximum value of 100%, which
corresponds to the sample temporarily having zero effective stress (i.e., p'=0 and q=0). This state
of r,=100% has historically been referred to as "initial liquefaction"”, although the term
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"liquefaction" is also used as a more general term as discussed later. With each cycle of applied
shear load (q), the sample alternates between being incrementally dilative (p' increasing) and
incrementally contractive (p' decreasing) in its response, with the transition from incrementally
contractive to incrementally dilative response being phase transformation. The axial strains
remain relatively small until r, nears 100%, after which the strains grow rapidly with each
additional cycle of loading. Note that the triggering of r,=100% typically corresponds to shear
strains of about 2 to 3% (or about 1.4 to 2% axial strain in a triaxial test). The sample strain
hardens at the end of each load cycle and develops enough shear strength to resist the peak
applied shear load (i.e., it does not develop "flow deformation"). The resulting inverted s-shaped
stress-strain loops shown in Fig. 2-3 are an example of what is termed "cyclic mobility," wherein
the temporary occurrence of r,=100% (or initial liquefaction) is accompanied by the
development of limited strains.

The undrained cyclic resistance of sand against the triggering of r,=100% or a specified level
of shear strain (e.g., 3%) in some number of equivalent uniform loading cycles is described by a
cyclic resistance ratio (CRR), which is the ratio of cyclic stress (t¢c) to consolidation stress
(ov.). The in situ CRR of sand is evaluated in practice using semi-empirical correlations such as
those shown in Figs. 2-4 and 2-5 for SPT and CPT tests, respectively. These semi-empirical
correlations are based on case histories where the occurrence or non-occurrence of liquefaction is
judged primarily on the basis of observations of sand boils and ground deformations, such that
the actual development of r,=100% is an inferred condition.

These correlations are developed to be applicable to a o' of about one atmosphere (P, = 100
kPa = 1 tsf). The increase in CRR with increasing penetration resistance is, in large part, due to
the effect of Dr on both CRR and penetration resistance. The extension of these correlations to
other o' is accomplished through an overburden stress correction factor, K, as:

CRR,, /p,).1 =K,CRR . ;5 -1

The K, factor depends on both Dr and o' because of the fact that the relative state of sand
depends on both of these parameters. This effect was demonstrated by Boulanger (2003a), after
first introducing the relative state parameter index that describes the state of sand relative to an
empirical critical state line in e-logp' space, as shown in Fig. 2-6. The CRR of sand was then
shown to correlate to this relative state parameter index, such that the experimentally observed
effects of Dg and oy, on CRR could be modeled. The resulting relations were used to derive the
K curves shown in Fig. 2-7 (from Boulanger and Idriss 2004).

23 Undrained monotonic and cyclic loading behavior of clay
The undrained monotonic and cyclic loading behavior of saturated clay has also been
extensively studied and well described in the literature. Similar to the previous section, this

section draws out some key features of behavior that are important to subsequent discussions.

First, a key feature of clay stress-strain behavior is that the monotonic undrained shear
strength can be closely expressed as a function of consolidation stress history, as illustrated by
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the experimental results shown in Figs. 2-8 to 2-10 and discussed in detail by Ladd (1991). The
results in Fig. 2-8 illustrate that normalizing shear stresses by the effective vertical consolidation
stress can result in relatively unique normalized stress-strain behavior for normally consolidated
Maine organic clay in undrained direct simple shear tests. The results in Fig. 2.9 further illustrate
that the same stress normalization (i.e., T/0y.') produces a normalized stress-strain response that
is independent of consolidation stress for Boston Blue clay samples at the same
overconsolidation ratio (OCR), based on undrained direct simple shear tests on samples with
preconsolidation stresses ranging from 400 to 800 kPa and with OCR of 1 to 8. The lower plot in
Fig. 2-9 illustrates how the normalized shear strength can be expressed as a function of OCR.
Comparing the stress-strain curves for these clays to those for clean sand in Fig. 2-1, it is clear
that the clays show a very plastic stress-strain response (nearly constant shear stress after yield)
for OCR of 1 to 8 while the sands showed a range of strain softening to strain hardening behavior
that depended on the sand's relative density and confining stress. Note, however, that ACU
triaxial compression tests on high-quality intact natural clay samples have shown a larger range
of stress-strain behaviors than shown in Fig. 2-9, including significant strain-softening at low
OCR and strain-hardening at high OCR.

The test results in Fig. 2-10(a) are for mechanically overconsolidated AGS clay tested
according to the SHANSEP (Stress History and Normalized Soil Engineering Properties)
technique, whereas the results in Fig. 2-10(b) are for highly sensitive, cemented James Bay clay
(i.e., highly structured clay) tested according to the Recompression technique. Recall that the
Recompression technique (e.g., Bjerrum 1973) involves re-consolidating samples in the
laboratory to the same effective stresses that the sample had been carrying in situ, while the
SHANSEP technique (Ladd and Foott 1974) involves re-consolidating samples to effective
stresses exceeding the sample's preconsolidation stress, followed by unloading to various levels
of overconsolidation ratio. The solid symbols on the James Bay clay plot are for samples
consolidated to 1.3 to 3 times the in situ preconsolidation stress (cy,'), such as would be done for
SHANSEP testing. This resulted in a lower undrained strength ratio compared to the
recompression results for James Bay clay, illustrating how the SHANSEP technique can be
conservative when applied to highly structured clays (Ladd 1991). Both sets of test data
illustrate the typical differences in strengths obtained by triaxial compression, direct simple
shear, and triaxial extension testing. Most importantly, both sets of data illustrate how the
undrained strength of clay can be expressed in the form:

sll
’
ve

= S-OCR" (2-2)

Q

where S is the value of s,/c,' when the OCR=1 and m is the slope of s,/c.' versus OCR relation
on a log-log plot.

Ladd (1991) provided the following recommendations regarding average undrained shear
strengths to be used in analyses of staged embankment construction, based on a review of
experimental data and field experiences.

e Sensitive marine clays (PI<30%, Liquidity index >1)
m=1
S = 0.20 with nominal standard deviation of 0.015
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e Homogenous CL and CH sedimentary clays of low to moderate sensitivity (PI = 20-80%)

m = 0.88(1-C,/C,) or simply m = 0.8

S =10.20 + 0.05PI, or simply S=0.22

[Note that PI is a fraction in the above expression. ]
e Northeastern U.S. varved clays

m=0.75

S =0.16 (assuming DSS failure mode predominates)
e Sedimentary deposits of silts and organic soils that plot below the A-line on the Atterberg

Limits chart (excluding peats) and clays with shells

m = 0.88(1-C,/C,) or simply m = 0.8

S = 0.25 with nominal standard deviation of 0.05
Ladd (1991) further noted that a careful assessment of a clay deposit's stress history is required
for staged construction analyses at any level of sophistication, and that "this fact, plus the
observation that s,(ave)/oy.' versus OCR for most soils (except varved clays) falls within a fairly
narrow range, means that consolidation testing usually represents the single most important
experimental component for the design of staged construction projects."

The cyclic stress-strain and stress-path responses of saturated clays are illustrated by the
"slow" cyclic triaxial test results for normally consolidated Cloverdale clay in Fig. 2-11 (Zergoun
and Vaid 1994). The term "slow" means that the tests were performed sufficiently slow to ensure
reliable measurements of pore water pressure, as opposed to the more common seismic loading
rates of 1 Hz at which pore pressure measurements are unreliable for clay samples. Similar to the
results shown previously for clean sand, the undrained cyclic loading of this clay sample results
in a progressive increase in excess pore water pressure (decreasing effective stress) to some
limiting level, at which time the sample develops rapidly increasing strains with each subsequent
loading cycle. For this clay, the excess pore pressure ratio reaches a limiting value of about
r,=80%, such that the sample never has less than about 20% of its initial effective stress. The
stress-strain loops after this limiting r, has been reached, dissipate considerably more energy than
observed for clean sand (i.e., the hysteresis loops are broader). Furthermore, the stress-strain
loops for clay do not develop the very flat middle portions (where the shear stiffness is
essentially zero) that are observed for sands after they temporarily develop r,=100%.

The cyclic strength of saturated clays can be expressed as a relatively unique function of the
clay's undrained monotonic shear strength, as illustrated by the experimental results summarized
in Fig. 2-12 for different natural clays with OCR's of 1 to 4. These results show the cyclic stress
ratios required to generate shear strains of 3% during uniform cyclic loading in both triaxial and
direct simple shear devices. The cyclic stress ratios, expressed as the ratio /sy, have all been
adjusted to an equivalent uniform cyclic loading frequency of 1 Hz based on the observation that
cyclic strengths increase about 9% per log cycle of loading rate (e.g., Lefebvre and LeBouef
1987; Zergoun and Vaid 1994; Lefebvre and Pfendler 1996; Boulanger et al 1998). The
influence of loading rate is further illustrated in these results by noting that the ratio Teyo/Su
exceeds unity for failure in one loading cycle because the reference value of s, is for
conventional monotonic loading rates that are much slower. The results for these clays fall
within a relatively narrow range, with a cyclic stress ratio of tcyc/sy = 0.88 to 1.01 (average 0.92
for DSS tests) required to trigger 3% strain in 15 uniform loading cycles at 1 Hz, as summarized
in Table 2-1 along with results for additional soils that are discussed in subsequent sections. It is
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also worth noting that Seed and Chan (1966) observed similar cyclic strength ratios for
compacted sandy clay and compacted silty clay, suggesting that the cyclic strength ratios shown
in these figures may also be applicable to compacted clays as well as natural sedimentary clays.

The roles of effective consolidation stress and stress history on the cyclic strength of clay are
adequately represented by their effects on the clay's monotonic undrained shear strength. The
practical consequence of this, in comparison to the behavior of clean sands, is that there is no
need to introduce an overburden correction factor for clay (i.e., Ks is not required).

2.4  Transitions between clay-like and sand-like behavior of fine-grained soils
Behavior of three blended silt mixtures in tests by Romero

The transition of a fine-grained soil from behaving like a sand-like soil to that of a clay-like
soil is illustrated by the series of monotonic and cyclic undrained triaxial tests performed on
three blended silt mixtures by Romero (1995). The three silts were bulk prepared by blending
soils collected from different locations within an aggregate mine's tailings pond. All samples
were prepared by a slurry sedimentation procedure, with the initial slurry water contents being
2.1 to 2.3 times the silt's liquid limit. Index characteristics for the three silts, all of which
classified as ML, were as follows.

o Silt#1: PI=0, LL=26

81% finer than 74 pm, 5% finer than Sum, 3% finer than 2um.
o Silt#2: PI=4,LL=30

84% finer than 74 pm, 17% finer than Spm, 11% finer than 2pum.
o Silt#3: PI=10.5, LL=36.5

87% finer than 74 pm, 25% finer than Spum, 19% finer than 2pum.

The monotonic undrained stress-strain and stress-path responses of the three silts, when
normally consolidated, are illustrated by the triaxial compression test results shown in Fig. 2-13.
Silt #3 showed a very plastic stress-strain response with deviator stress and excess pore pressure
remaining relatively constant as axial strains increased from about 2 to 20%. This stress strain
response and the corresponding g-p' path are very similar to what is observed for normally
consolidated clays. In contrast, silt #1 exhibited strain hardening throughout the test,
accompanied by excess pore pressures that increased during initial loading but subsequently
progressively decreased (incrementally dilative behavior) as axial strains exceeded about 3%.
This behavior is manifested in the g-p' plot as a path that initial moves left toward the failure
envelope, followed by phase transformation and a dilative path at a relatively constant g/p' ratio.
This behavior is very similar to that observed for loose sands at comparable initial consolidation
stresses. Silt #2, with a PI of only 4, exhibited behavior that more closely resembles the clay-like
soil behavior of silt #3, but with a very slight tendency toward some strain hardening and phase
transformation behavior.

The critical state lines (CSL), quasi-steady state lines (QSSL; point of phase transformation),

and isotropic consolidation lines (ICL) from isotropically-consolidated undrained (ICU) triaxial
compression tests on the three silts are shown in Fig. 2-14. The ICL and CSL for silt #1 are not
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parallel, as expected for a sand-like soil. In addition, the ICL for silt #1 was below the CSL over
the range of confining stresses studied. Silt #3 had essentially parallel ICL and CSL lines and did
not exhibit QSSL behavior, which is consistent with behaviors observed for mechanically
consolidated clays. Lastly, silt #2 had approximately parallel ICL and CSL lines like silt #3, but
with a QSSL that reflects the previously noted tendency toward very slight post-phase
transformation strain hardening (i.e., the QSSL is offset slightly below the CSL).

The cyclic stress-strain responses of normally consolidated specimens of silts #1 and #3, as
compared in Fig. 2-15, exhibit the characteristics expected from sand-like and clay-like soils,
respectively. Silt #3, with its higher plasticity, had broader hysteresis loops and did not develop
the nearly zero stiffness intervals that were exhibited by silt #1 after r,=100% had been triggered.
The effect of plasticity on the hysteresis loops is further illustrated in Fig. 2-16 comparing
individual stress-strain loops for three silt specimens at similar strain levels. As expected, silt #2
exhibited hysteretic behavior that was intermediate to that of silts #1 and #3.

The cyclic strength parameters versus number of uniform loading cycles for normally
consolidated specimens of the three silts are summarized in Fig. 2-17. In the upper plot, the
cyclic stresses were normalized by the initial consolidation stress. These results show that the
cyclic strength was lowest for the nonplastic silt #1, intermediate for silt #2, and greatest for silt
#3. The cyclic strengths were further normalized by their values at 15 uniform stress cycles, as
shown in the middle plot. This plot shows that the slope of the CRR-versus-N relation decreases
with increasing plasticity, which is consistent with the established differences between clay-like
and sand-like soils (discussed at greater length in section 3). Lastly, the cyclic strengths of silts
#2 and #3 were normalized by their respective undrained shear strengths to produce the lower
plot. The resulting t.yc/s, ratios are smaller than observed for the natural clays summarized in
Fig. 2-12. These slurry sedimented silts were tested shortly after reaching the end of primary
consolidation, and thus can be expected to have substantially smaller cyclic resistances than
natural silts that have aged in situ for hundreds or thousands of years. In addition, the
differences in fabric between reconstituted specimens and relatively undisturbed field samples of
natural silts appear to have strong effects on undrained shearing behavior, as Hoeg et al. (2000)
illustrated through tests for both a natural silt and a silty sand tailings material. For these
reasons, the test results by Romero (1995) cannot be viewed as representing the strengths (static
or cyclic) expected for field deposits of similar materials, but rather as providing insight into how
the soil mechanics behavior changed as the clay content was increased for these mixtures. The
Teye/Su Tatio for these mixtures may also be significantly different from that for natural deposits of
similar soils, although perhaps less so than the differences in Ty and s, individually (since both
would be affected in the same way). These issues are discussed further in Section 3.

Behavior of low plasticity tailing slimes

The monotonic and cyclic stress-strain responses of copper tailing slimes summarized by
Moriwaki et al. (1982) also provide examples of behavior that help bound the transition between
clay-like and sand-like soil behavior. These copper tailing slimes classified as CL and CL-ML,
had Atterberg limits that plot just above and parallel to the A-line [Fig. 2-18(a)], had 75-90%
fines (finer than 74 pm), and 15-23% clay-size (finer than 2 um). These slimes exhibited clay-
like soil behavior in triaxial and direct simple shear tests on normally consolidated samples with
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effective consolidation stresses of about 144 and 478 kPa. The cyclic stress ratio (Tcy/Sy) to cause
5% peak-peak shear strain during uniform cyclic loading is plotted in Fig. 2-18(b), with the
ratios being approximately 20% lower for the triaxial tests. The monotonic undrained strength
ratios (s,/ov.') were, however, about 68% greater for the triaxial tests (0.404 for triaxial versus
0.241 for direct simple shear), such that the stress-normalized cyclic strengths (tcyc/Oyc') were
about 35% greater for the triaxial than for the direct simple shear tests (Table 2-1). These results
are within the range of cyclic strength ratios observed for natural clays with greater plasticity
(i.e., PI's of 20-36 for the natural clays in Fig. 2-12 and Table 2-1, versus an average PI of 13 for
these slimes).

The Atterberg Limits data for these copper tailing slimes, as shown in Fig. 2-18(a), also
illustrate the practical difficulty in describing a soil deposit using single values of LL and PI. For
example, the PI values for these slimes ranged from 5 to 19 with an average of 13 and the LL
values ranged from 25-40 with an average of 35. In this regard, it is important to note that the
four samples with PI values of 5 to 9 showed behaviors consistent with the remaining samples
that were more plastic with PI values of 12 to 19.

Soil heterogeneity is an even greater complication when sand-like and clay-like soils are
finely inter-layered, as is well illustrated by the results of laboratory tests by Tawil (1997) on
tube samples of an iron ore tailing slime. This finely inter-layered slime had portions that were
described as a sandy silt slime (PI=0) and portions described as a clayey silt slime (average
PI=9.6). The results of monotonic undrained DSS tests shown in Fig. 2-19 include data for four
test samples cut from the same sampling tube. These four samples, SS-38, CS-39, SS-40, and
CS-41, were taken from sequential layers of sandy silt, clayey silt, sandy silt, and clayey silt,
respectively. The observed stress-strain responses clearly demonstrate that the sandy silt
exhibited sand-like behavior while the clayey silt exhibited clay-like behavior. Thus, these data
illustrate how a deposit of fine-grained soils can contain finely inter-layered soils that exhibit
clay-like and sand-like behaviors, and thus careful attention must be given to describing the
index characteristics of the different soils comprising the inter-layers, especially when some of
them are of very low plasticity (i.e., averaging the PI across the sandy silt and clayey silt portions
of this tailing deposit would have obscured important information).

2.5 Index tests for distinguishing between clay-like and sand-like soil behavior
Choice of index tests and their purpose

Existing guidelines for identifying "potentially liquefiable fine-grained soils" have been
developed around the Atterberg limits, grain size characteristics, and natural water content, in
various combinations as reviewed in Section 1. Atterberg limits have long been used in useful
correlations to important fine-grained soil characteristics, such as compressibility and shear
strength. They are shown herein to also be a useful index for distinguishing between soils that
exhibit clay-like versus sand-like behavior during undrained loading. The role of grain size
characteristics in distinguishing between clay-like and sand-like soil behavior is more limited
while the role of water content needs to be put in the context of consequences. These latter two
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indices are discussed first, before proceeding with the development of guidelines based on
Atterberg limits.

The percentage of clay-sized materials, whether using 5 um or 2 um, is not a reliable index
test for distinguishing between clay-like and sand-like behavior in a fine-grained soil.
Mineralogy, which is more important for distinguishing soil behavior, does not correlate reliably
with the clay-size fraction. For example, to obtain a reasonable correlation to clay mineralogy,
Skempton (1953) had to introduce the activity, A, where A is the ratio of the PI to the percent
clay-size (2 um). Subsequently, the Atterberg limits have proven sufficient on their own for
correlating to the stress-strain characteristics of soils, while neither activity nor clay size have
proven particularly useful in practice for this purpose.

Comparison of a soil's natural water content (w,) to its Atterberg limits can provide useful
information on the potential for strength loss, but the Chinese Criteria's use of the ratio w,/LL to
evaluate whether a soil is susceptible to liquefaction or not is misleading. The first question is
whether the ratio w,/LL can distinguish between sand-like and clay-like soil behavior, and the
fact that it cannot is clear when one considers that either soil type can have high or low ratios
depending on its depositional environment and stress history. The second question is whether
the ratio w,/LL can provide insight on the potential for strength loss, and the fact that it can has
been well established in the literature, albeit in slightly different forms. The more common
representation is in terms of the liquidity index (LI),

P i (2-3)

LL-PL
which compares the w, relative to both the LL and plastic limit (PL). LI has been shown to
provide reasonable correlations to a soil's sensitivity (S;), which is the ratio of the soil's peak s, to
its fully remolded (residual) undrained shear strength (s,),

S, = Su (2-4)

For example, Fig. 2-20 shows a correlation between S;, LI, and effective vertical consolidation
stress, while Fig. 2-21 shows the corresponding correlation between LI and remolded undrained
shear strength. The following terminology is commonly used for describing sensitive clays
(Mitchell 1976):

Clay description S;
Insensitive ~1
Slightly sensitive Ito2
Medium sensitive 2to 4
Very sensitive 4t08
Slightly quick 8to 16
Medium quick 16 to 32
Very quick 32 to 64
Extra quick > 64

Source: Mitchell (1976)
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Thus, high wy/LL or high LI ratios generally correspond to high S values, such that these indices
do provide some indication of a soil's susceptibility to strength loss following cyclic failure
during earthquake shaking.

For low-plasticity fine-grained soils (e.g., PI in single digit range), the use of either LI or
wy/LL for evaluating the soil's S; can be complicated by their sensitivity to the normal variances
in each of the three measurements (wy,, LL, PL). In the case of nonplastic fine-grained soils, the
LI cannot be computed and the usefulness of w,/LL in practice is not clear, especially since the
measurement errors in w, and LL are potentially greater for nearly nonplastic soils. In summary,
it is concluded that comparing a soil's w, to its Atterberg Limits does not provide a means for
distinguishing between sand-like and clay-like soil behavior, but may assist in evaluating the
potential for strength loss if earthquake shaking is sufficiently strong to trigger a drop to
remolded or residual shear strengths.

Atterberg Limits for distinguishing between clay-like and sand-like soil behavior

Atterberg Limits for fine-grained soils reported to exhibit clay-like behavior were compiled
from the literature, as presented in Table 2-2. These data come from both laboratory and field
studies on a broad range of fine-grained soils that exhibited clay-like soil behavior. While often
not stated in the literature, it is believed that the reported Atterberg Limits for each of these soils
are most likely average or representative values.

Atterberg Limits were similarly tabulated in Table 2-2 for sand-like and intermediate
behaviors of fine-grained soils. These data include results from a more detailed examination of
the behavior of individual samples for a number of studies where the heterogeneity of the source
material resulted in test samples that spanned a range of Atterberg Limit values. For example,
consider the results shown in Fig. 2-19 for undrained DSS tests on four samples cut from the
same sampling tube obtained from an iron ore tailings pond. Two of the samples exhibited sand-
like behavior (38 & 40) while two exhibited clay-like soil behavior (39 & 41). For cyclic tests,
the distinction was based on comparisons of the stress-strain loops and the peak excess pore
pressure ratios, with sand-like soils behaving similarly to that shown in Fig. 2-3 and clay-like
soils behaving similarly to that shown in Fig. 2-11.

The values of Atterberg Limits listed in Table 2-2 for fine-grained soils exhibiting clay-like,
intermediate, and sand-like behavior are plotted in parts (a), (b), and (c), respectively, of
Fig. 2-22. The soils exhibiting clay-like behavior included some ML soils with PI values as low
as 9 and some CL-ML soils with PI values as low as 4. Intermediate behavior was observed for
samples classifying as CL-ML and ML with PI values of 4 to 5. Sand-like behavior was
observed only for ML soils (below the A-line), and with one sample having an average PI of 8.5
(this sample was highly inter-layered with PI values of 6 and 11 obtained in two different
portions of the sample).

The LL values in Table 2-2 likely include results from both Casagrande cup (most common
in the US) and fall cone (most common in Europe) devices. The Casagrande cup device tends to
give LL values that are a few percentage points lower than values obtained with a fall cone
device (e.g., Koester 1992). If we adopt the Casagrande cup as our reference test, then many of



the LL values reported by European sources would have to be slightly reduced and the
corresponding PI values would also be slightly reduced. Nonetheless, the results in Table 2-2
were left as reported values given the approximations involved in designating single
representative values for most natural clay deposits and the general absence of explicit
statements regarding the LL testing devices that were used.

The Atterberg Limits for all three groups of soils are plotted together in Fig. 2-23, with a
focus on the low plasticity portion of the chart. In addition, detailed results from four individual
testing programs are similarly plotted together in Fig. 2-24. Together, these data can be used to
develop criteria for distinguishing between soils that exhibit sand-like versus clay-like behavior,
as discussed below.

The transition between sand-like and clay-like behavior in fine-grained soils undoubtedly
spans across a range of Atterberg Limits, both because the actual soil behavior would smoothly
transition with increasing plasticity (or clay content) and because a simple index test like the
Atterberg Limits cannot be expected to provide a perfect correlation to a soil's complex stress-
strain characteristics. This transition is schematically illustrated in Fig. 2-25 showing how the
cyclic strength of a soil may reasonably transition as the PI increases from about 3 to 8. In
addition, the data in Figs. 2-23 and 2-24 would suggest that CL-ML soils would transition more
toward the left side of the plotted transition zone while ML soils would transition more toward
the right side of the plotted transition zone. Note that the LL by itself would not be able to
distinguish between the observed behaviors.

For engineering practice, it is recommended that fine-grained soils be considered clay-like if
they have PI > 7 and sand-like if they have PI < 7. This criterion provides a slightly conservative
interpretation of the likely transition interval (Fig. 2-25) which is considered appropriate in the
absence of detailed in situ or laboratory testing that shows otherwise. If a soil plots as CL-ML,
the PI criterion may be reduced by 1.5 points and still be consistent with the data in Figs. 2-23
and 2-24. The LL and PI values should be based on the Casagrande cup device. For soils whose
Atterberg Limits plot significantly away from the data points in these figures (e.g., an unusual
combination of high LL and low PI), it would be prudent to perform an appropriate program of
in situ and laboratory testing to evaluate the soils' behavioral characteristics. In all cases, the
practical application of these criteria will require careful attention to minimizing testing errors
and judgment in dealing with the heterogeneity of soil deposits.

Fines content at which the fines fraction constitutes the soil matrix

The preceding discussions have focused on fine-grained soils (i.e., silts and clays) for which
the fines content (percent passing the No. 200 sieve) is greater than 50% by definition, but the
same findings may be extended to soils with slightly lower fines contents in certain cases. The
key issue is whether or not the fines fraction constitutes the stress-carrying matrix or skeleton for
the soil mass, with the larger sand-sized (or larger) particles essentially floating (isolated from
each other) within the matrix. For many soils, it is likely that the fines fraction forms the load-
carrying matrix when the fines fraction exceeds roughly 35%, but the transition may occur at
higher or lower fines contents in any specific soil depending on factors such as the soil's full
gradational characteristics, mineralogical composition, particle shapes, and depositional
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environment or fabric (e.g., see Mitchell 1976). For projects where this transition point is of
critical importance, it would be prudent to perform an appropriate program of in situ and
laboratory testing to evaluate the soil' behavior characteristics prior to extending these criteria to
fines contents less than 50%.

2.6 Effect of static shear stresses on cyclic strength

The cyclic resistance of saturated sand or clay is affected by the presence of an initial static
shear stress, as has been shown through numerous laboratory and physical modeling studies.
These effects have been presented differently for sands and clays due to their differences in
engineering behaviors. For this study, it was advantageous to re-cast the experimental results for
clay in the same framework as used for sands. Consequently, the framework for sands is
described first, followed by a review of results for clays and the derivation of relations that are
convenient for implementation in practice.

Sand-like soils

Seed (1983) developed the K, correction factor to represent the effects of an initial static
shear stress ratio (o) on the liquefaction resistance of sands, and used it to extend the semi-
empirical SPT-based liquefaction correlations from level-ground conditions to sloping-ground
conditions. K, relations have been obtained from laboratory studies using:

__[cRR).., (2-5)
(CRR)a=0

which is simply the CRR for some value of o, divided by the CRR for a=0. The term o is the

initial static shear stress divided by the effective normal consolidation stress on the plane of

interest. For application to field conditions, reference is usually made to horizontal planes such

that,

: (2-6)

where T is the horizontal shear stress. The resulting K, relations are then applied in practice as:

(CRRM=7.5 ) =K, (CRRM=7.5 ) (2'7)

a=a a=0

where the (CRRy=75)q=0 18 Obtained from a semi-empirical correlation that corresponds to level

ground conditions (a=0) and an earthquake magnitude of 7.5, such as the those shown in
Figs. 2-4 and 2-5.

The K, factor depends on both Dg and o' because of the fact that the relative state of sand

depends on both of these parameters. Boulanger (2003a) showed that K, could be expressed as a
function of the relative state of a sand (Fig. 2-6), from which Idriss and Boulanger (2003)
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derived expressions relating K, to SPT or CPT penetration resistances and .. The resulting
relations were used to generate the plots in Fig. 2-26 for a range of SPT penetration resistances
and o,.' of 1 and 4 atm. For sands that are close to the critical state line or on the contractive side
of the critical state line, the K, factor becomes progressively smaller than unity with increasing
a.. For sands that are considerably dense of critical, the K, factor becomes progressively greater
than unity with increasing o. In this latter situation, the sand's tendency to be dilative in
monotonic shearing and the reduction in shear stress reversals with increasing a both contribute
to a slower generation of excess pore water pressures and shear strains during undrained cyclic
loading.

Clay-like soils

The cyclic resistance of saturated clay is also affected by the presence of an initial static
shear stress, as demonstrated in numerous laboratory studies. Figs. 2-27 to 2-29 show results of
three such studies. Figure 2-27 shows data from a study by Seed and Chan (1966) involving
triaxial testing on compacted silty clay, compacted sandy clay, and undisturbed silty clay. The
two compacted soils were only partially saturated, with the degree of saturation being about
95%, while the natural soil was saturated. Samples were subjected to a static sustained stress
(without allowing drainage) and then subjected to a cyclic axial stress. The static sustained stress
and the cyclic stress were both normalized by the soil's monotonic undrained shear strength, and
the combination of stresses producing failure (defined as the stresses at which strains rapidly
exceeded the limits of the test device) in 1 or 30 cycles is shown Fig. 2-27. The cyclic strength
decreases with increasing static sustained stress, with the resulting relation between t¢yc/sy versus
T4/sy being very similar for all three soils.

Similar results were observed for Drammen clay in direct simple shear tests by Goulois et al.
(1985) and Andersen et al. (1988), as summarized in Figs. 2-28 and 2-29, respectively. In the
tests by Goulois et al. (1985), all the samples were normally consolidated and were allowed to
consolidate (drain) under the sustained static shear stress prior to undrained cyclic loading. In the
tests by Andersen et al. (1988), samples were tested at OCR of 1, 4, and 40 (only OCR of 1 and 4
are presented herein) and the samples were not allowed to consolidate under the sustained static
shear stress. In these figures, the terms v, and 7y,y. refer to the average shear strain in any one
cycle of loading, while y., refers to the amplitude of the cyclic component of shear strain in any
one cycle. The average shear strain includes the strain induced by the applied static shear stress.

A K, factor for clay-like soils can now be developed following the same approach used for
sand-like soils, but plotting K, versus t4/s, instead of K, versus a Results are shown in Fig. 2-30
for the tests on Drammen clay (OCR of 1 and 4) plus tests on St. Alban clay by Lefebvre and
Pfendler (1996). This figure was generated for 10 loading cycles to cause failure. Failure was
defined as about 3% peak shear strain (not including strains induced by the static shear stresses),
which required interpolation of the published data in some cases. The results are, however,
relatively unaffected by the choice of number of loading cycles or failure strain. The resulting K,
curves for Drammen clay are lower for those tests that did not allow consolidation under the
sustained static shear stress compared to those tests that did allow consolidation under the static
shear stress. This difference in behavior simply reflects the fact that the undrained shear strength
of a clay-like soil increases when it is consolidated under a sustained static shear stress (e.g.,
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Ladd 1991). The tests on St. Alban clay (at an OCR of 2.2) also did not allow consolidation
under the sustained static shear stress, but the resulting K, values are actually slightly higher
than those for the Drammen clay with consolidation under the static shear stress. Nonetheless,
the combined set of data in this figure all fall within a relatively narrow band, particularly for
Ts/(Su)a=o less than about 0.5.

The K, results for the Drammen clay with consolidation under the static shear stress was
adopted as reasonably representative of the overall results and being more applicable to most
situations of interest in seismic design. In particular, most designs for seismic loading would
assume that the clay-like soils would have sufficient time to consolidate under the sustained
loading of some structure or embankment prior to the occurrence of the seismic design event.
Subsequently, the following expression,

0.344
0.638
su

was derived to approximate the Drammen clay results, as shown by the comparison in Fig. 2-31.
While the data in Fig. 2-31 are for normally consolidated clay, the test results by Andersen et al.
(1988) showed very similar relationships for OCR of 1, 4, and 40 when the specimens were not
consolidated under the static shear stress. Consequently, it appears reasonable to tentatively
assume that the relation shown in Fig. 2-31 is reasonably applicable over a wide range of OCR.

K, =1.344 - (2-8)

The above expression for K, can also be recast as a function of the initial static shear stress
ratio (o) as used for sand-like soils. This is accomplished by dividing both the numerator and
denominator of the 1/s, term by &', and then replacing the resulting s,/c..' term with an
appropriate empirical relation as follows:

1
rszr_s,/acc_ a  _ a (2-9)
S

s. s, 1, s,/ _ 022 -0CR™

which then produces the expression,

K, =1344- 9.344

(2-10)

p 0.638
o)
0.22.0CR"?

This expression may be used where an estimate of a is more readily made and it enables a direct
comparison of K, relations for clay-like and sand-like soils.

The K, versus a relation for clay-like soils, as computed using the above expression, is

plotted in Fig. 2-32 for OCR of 1, 2, 4, and 8. The K, values are lowest for normally
consolidated soils and increase with increasing OCR at a given value of a. These curves show
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how the cyclic strength of normally consolidated clay-like soils may be negligible if they are
already sustaining a static shear stress that is close to their undrained shear strength. Conversely,
the cyclic strength of an OCR=8 clay-like soil is only reduced slightly by an a as high as 0.30.
This pattern is consistent with that observed for sand-like soils (Figs. 2-26) in that an increasing
OCR reduces the contractive tendencies of a clay-like soil in shear. Thus, the results for both
clay-like and sand-like soils show that for a given static shear stress ratio, the effect of the static
shear stress on cyclic strength is most detrimental for contractive soils.
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Table 2-1: Fitting parameters for tcy./s, causing cyclic failure (3% shear strain) versus number of

uniform undrained loading cycles

Soil name PI | Test | OCR | Parameter | Parameter | (Tqy/Sy)n-15 (su/0y") (Teye/Ove IN=15
(Reference source) type a b for for
OCR=1 OCR=1
Drammen clay 27 | DSS | 1&4 1.289 0.116 0.94 0.214 0.201
(Andersen et al.
1988)
Boston Blue clay 21 | DSS 1, 1.382 0.149 0.92 0.205 0.189
(Azzouz et al. 1989) 1.38,
&2

Cloverdale clay 36 | TX 1 1.242 0.129 0.88 0.280 0.246
(Zergoun & Vaid
1994)
St. Alban clay 20 | DSS 22 1.426 0.129 1.01 0.248 0.250
(Lefebvre & Pfendler
1996)
Itsukaichi clay 73 | TX 1 1.190 0.095 0.92 0.390 0.359
(Hyodo et al. 1994)
Copper tailings slime | 13 | TX 1 0.931 0.137 0.64 0.404 0.260
(Moriwaki et al. DSS 1 1.20 0.149 0.80 0.241 0.193
1982)
Aggregate tailings 10%2| TX 1 0.830 0.073 0.68 0.340 0.231
slime (Romero 1995)

Average Average Average Average Average for

for DSS for DSS for DSS for DSS DSS

=1.32 =0.135 =0.92 =0.227 =0.208

Notes:

* Fitting parameters are for (Tcy/s,) =aN", with N = number of loading cycles. All test data adjusted to equivalent 1
Hz loading prior to fitting.

® DSS is direct simple shear, TX is triaxial.

¢ For TX tests, 8, = qpeak/2 and Teye = Qeye/2.
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Table 2-2: Atterberg Limits for fine-grained soils that have exhibited clay-like, intermediate,
and sand-like soil behavior.

Soil name Uscs LL Pl Reference

(a) Cohesive soil behavior
Connecticut valley varved clay - silt varves CL 39 15 Ladd (1991)
B2 marine clay - James Bay CL 24 8 Ladd (1991), Ladd & DeGroot (personal files)
B6 marine clay - James Bay CL 37 13 Ladd (1991), Ladd & DeGroot (personal files)
resedimented BBC CL 44 21 Ladd (1991), Azzouz et al. (1989)
AGS marine clay CH 73 43 Ladd (1991), Ladd & DeGroot (personal files)
Omaha Nebr. Clay CH 92 60 Ladd (1991), Ladd & DeGroot (personal files)
Arctic silt A ML 50 15 Ladd (1991), Ladd & DeGroot (personal files)
Arctic silt B MH 68 30 Ladd (1991), Ladd & DeGroot (personal files)
EABPL clay CH 95 75 Ladd (1991), Ladd & DeGroot (personal files)
Tailings slime (copper ore) CL 32 10 Ladd (1991)
Cloverdale clay CL/CH 50 24 Zergoun and Vaid (1994)
Drammen clay CH 55 27 Andersen et al. (1988), Goulois et al. (1985)
Itsukaichi clay MH 124 73 Hyodo et al. (1994)
Kaolinite clay CH 65 40 Ansal and Erken(1989)
San Francisco Bay Mud MH 88 43 Seed and Chan (1966), Thiers and Seed (1968)
Compacted silty clay CL 37 14 Seed and Chan (1966)
Compacted sandy clay CL 35 16 Seed and Chan (1966)
Newfield glacial lake clay CL 28 10 Sangrey et al. (1969)
Studenterlunden CL 37 20 Berre and Bjerrum (1973), from Larson (1980)
Ellingsrud (lab & embankment failure) ML 24.5 4.5 Aas 1976a,b (from Larson 1980)
Drammen lean clay CL 33 10 Berre and Bjerrum (1973), from Larson (1980)
Manglerud CL 28 9 Berre (1972), from Larson (1980)
Mastemyr CL 29 7 Berre (1972), from Larson (1980)
Olav Kyrres Plass CL-ML 25 4.5 Karlsrud and Myrvoll (1976)
Bekkelaget (quick clay slide) CL 27 7.5 Eide (1955), from Larson (1980)
Portsmouth NH (embankment failure) CL 35 15 Ladd (1972), from Larson (1980)
Trogstad (long slope failure) CL 25 7 Gregersen (1976), from Larson (1980)
Furre (quick clay slide) CL 32 10 Gjerrum et al. (1960), from Larson (1980)
Mastenyr (embankment failure) CL 30 10 Clausen (1970), from Larson (1980)
Rupert 7 (embankment failure) CL 33 13 Dascal and Tournier (1975), from Larson (1980)
Tailings slime (copper ore) CL 35.2 12.6  |Moriwaki et al. (1982)
Bootlegger cove clay (4" Avenue slide) CL 39 14 Idriss (1985), Stark & Contreras (1998)
CWOC silt -- higher plasticity samples ML 41 10 Woodward Clyde Consultants (1992a)
Iron ore tailings - clayey silt slime ML 35.3 9.6 Tawil (1997)
Silty clay at MLML -- average ML ML 35.5 9 Boulanger et al. (1995)
Silty clay at MLML -- average CL CL 37.5 16.3 |Boulanger et al. (1995)
Aggregate mine tailings - mixture #3 ML 36.5 10.5 |Romero (1995)
St. Alban clay CL 41 20 Lefebvre & Pfendler (1996)

(b) Intermediate soil behavior
Piedmont reservoir CL-ML 23 5 Boulanger and Dismuke (personal files 2003)
CWOC silt -- lower plasticity samples ML 35 5 Woodward Clyde Consultants (1992a)
Aggregate mine tailings - mixture #2 ML 30 4 Romero (1995)

(c) Cohesionless soil behavior
Silica flour ML 20 0 Shen et al. (1989)
Silt at Moss Landing (MLR3) ML 33.5 6-11 Boulanger et al. (1998)
Chino tailings slime (typical properties) ML 245 3.5 Woodward Clyde Consultants (1992b)
Iron ore tailings - sandy silt slime ML 24 0 Tawil (1997)
Aggregate mine tailings - mixture #1 ML 26 0 Romero (1995)
Borlange silt ML n.a. 5° Hoeg et al. (2000)

@ USCS, Unified Soil Classification System.

> Representative values for liquid limit (LL) and plasticity index (PI).

° LL likely by fall cone method. Pl likely smaller for a LL by the Casagrande cup method (Dyvik, personal communication)
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FIG. 2-2: Quasi-steady state (QSS) and steady state behavior of very loose Toyoura sand in ICU
triaxial compression tests (Ishihara 1996).
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FIG. 2-3: Stress-strain response and effective stress path for Sacramento River sand during
undrained cyclic triaxial loading (from Boulanger and Truman 1996).
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FIG. 2-4: SPT case histories of silty sands, sandy silts, and silts with Fc > 35%, the NCEER
Workshop (1997) curve for Fc = 35%, and the Idriss and Boulanger (2004) curves for both clean
sand and for Fc =35% for m =7 and &', = 1 atm (= 1 tsf). [Idriss and Boulanger 2004].
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FIG. 2-5: Comparison of field case histories for silty sands, sandy silts, and silts and the curve
proposed by Robertson & Wride (1997) for soils with 1, = 2.59 (apparent Fc = 35%)

[Idriss and Boulanger 2004].
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FIG. 2-7: K, relations derived from ¢&, relations
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FIG. 2-9: Normalized shear stress versus shear strain response of Boston Blue clay in undrained
direct simple shear tests on samples with preconsolidation stresses of 400 to 800 kPa and OCR of
1, 2, 4 and 8, and the variation of normalized shear strength versus OCR (Ladd and Foot 1974).
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2-25



1.4 T T T 1.2 T T T
. x\ Drammen clay, PI=27 1 . X Boston Blue clay |
(\,JU 192 s/c',,=0.214 OCRO% <\,,Q , LL=44, PI=21 o
s} (Andersen et al.1988) | 3 3 §,/0',,=0.205 OCR®
e 4 e s (Azzouz et al.1989) A
g ke
= | ] s 08
g g b\
% " § - \&\ -
-b u -1 -b. 0.6 @® OCR=1
2 06 @ OCR=1 - 2 A OCR=1.38 e
2 A OCR= L [ o ocr=2 l
| e S o4 ‘
O 04 DSS tests at 0.1 Hz to +/-3% shear strain; O DSS tests at 0.1 Hz to +/-3% shear strain;
oy increased 9% for equivalent 1Hz loading. [ 1, increased 9% for equivalent 1Hz loading.
'l 'l IIIIIII 'l 'l IIIIIII 'l Ll L LAill 'l 'l IIIIIII 'l 'l IIIIIII 'l Ll L LALll
0.2 0.2
1 10 100 1000 1 10 100 1000
Number of uniform cycles, N Number of uniform cycles, N
12 L) LI I B I B A ) L) L) IIIIIIl L} TrrTTn 1.8 L] LI A AL L] llllllll L] llllllll L] LB R AL
g R Cloverdale clay J St. Alban clay, LL=41, PI=20
S L 4
8 LL=50, PI=24 2 s /o',,=0.248, OCR=2.2
o — =028 | % o f
A Sycomp/0"3=0- S 14 (Lefebvre & Pfendler 1996) -
5 - (Zergoun & Vaid 1994) 1 -
o
S 08 5 i ]
= LU L o
o : 1 o 1 AN
0 4 \‘.\
]
QO 06 S i J
g 3 ¢
% [ ® OCR=1 ] L ® OCR=2.2
Q S 06
S 04 > ‘
S "Slow" cyclic triaxial tests to +/-3% axial strain; ©) | DSS tests at 0.1 Hz to +/-3% shear strain; i
) [ oy, increased 27% for equivalent 1Hz loading 1., Increased 9% for equivalent 1Hz loading.
el r 0l T T BT ETTT BT AR BT AT
0.2 0.2
1 10 100 1000 0.1 1 10 100 1000
Number of uniform cycles, N Number of uniform cycles, N
1.4 T T T
g - Itsukaichi clay .
§ 1.2 LL=124, PI=73 -
(\OQ o o su-comp/o_,:ic:o' 39 -
& s ~e (Hyodo et al. 1994) _|
-Qk [ \.\ ]
N~
S os o~ _
% | N i
)
&S 06 @ OCR=1
1%
RS i 1
3 04 3 undisturbed & 4 reconstituted samples; _
Gx : TX at 0.02 Hz to 10% double-ampl. axial strain;
T, increased 15% for equivalent 1Hz loading.
0.2 AT | L el T
1 10 100 1000

Number of uniform cycles, N
FIG. 2-12: Cyclic strength ratios for uniform cyclic loading of five saturated clays: (a) Drammen

clay with OCR of 1 and 4, (b) Boston Blue clay with OCR of 1, 1.38, and 2, (c) Cloverdale clay
with OCR of 1, (d) St. Alban clay with OCR of 2.2, and (e) Itsukaichi clay with OCR of 1.

2-26



2.0

/

1.5

=

1.0

I udmadd

0.5

Normalized deviator
stress, q/p,’

0.0

5 10
Axial strain,

15 20
£, (%)

2.0

1.5

( — Silt#1 (PI=0)
- Silt#2 (PI=4)
——- Silt#3 (PI=10.5)

1.0

0.5

Normalized pore
pressure, Au/p,’

0.0

15 20

Axial strain, ¢, (%)

2.0

VR

1.5

Y,

r v 1T v 1 7
ICU triaxial compr. 4
tests, p,'=100 kPa 4

1.0

0.5

Normalized deviator
stress, q/p,’

0.0

0.0

0.5

1.0 1.5

20 25 30 35

Normalized mean stress, p/p,’

FIG. 2-13: Results of ICU triaxial compression tests on normally consolidated specimens of
three blended silt mixtures (after Romero 1995)
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consolidated specimens of three blended silt mixtures (data from Romero 1995)
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FIG. 2-19: Undrained DSS test results for tube specimens of iron ore tailings that included
sandy silt slimes (SS) and clayey silt slimes (CS); Note that samples 36 & 37 had in situ
vertical stresses of about 270 kPa while samples 38-41, which were all from the same
tube, had in situ vertical stresses of about 360 kPa (after Tawil 1997)
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FIG. 2-20: Relationship between sensitivity, liquidity index, and effective consolidation stress
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FIG. 2-21: Relationship between liquidity index and remolded undrained shear strength
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2-40



1.2 L] L] L] L] L]
1 === Drammen clay, OCR=1 —=
faae (Consolidated under
i Ny static shear stress)
0.8 IR |
. ~ N
I ‘é\ \\ St Alban clay
N \ N OCR=2.2
3 \
x 06 \\ ) N
N\ \\
i S\ \ .
\ \
\
04 \\\ \
- Drammen clay \ -
OCR=1— ;r\ \
0.2 . OCR=4— A
10 uniform W\ \
= | loading cycles l \\\ \ -
O [ [ [ [ \\\ W
0 0.2 0.4 0.6 0.8 1

Ts/(su )a=0

FIG. 2-30: K, versus (ts/sy)q=0 relations for clays based on published data by Goulois et al.
(1985), Andersen et al. (1988), and Lefebvre and Pfendler (1996). Note that specimens
were not consolidated under the applied static shear stresses, except as otherwise labeled.

1.2 v v T v v v

Drammen clay, OCR=1, Consolidated
1 under static shear stress. —

\ (Goulois et al. 1985)
0. 8 \ j

¢ 0.6
0.4 N

N \

A K, =1.344 - 0'3440‘638 \ -
0.2 1-%s \

sll
. ) \ .
0 I ‘ I ‘ I ‘ I I
0 0.2 0.4 0.6 0.8 1
Ts/(Su) =0

FIG. 2-31: Derived K, versus (ts/sy)o=0 relation for clay-like soil consolidated under the static
shear stress and the results for NC Drammen clay by Goulois et al. (1985).

2-41



12 LJ L] L) L)

1 X X3
- i—EO..------ ---------- OCR = 8
R -~ - - - S e X Y -
- —~~~_ OCR=4
0 8 \ ~ -~

\‘
: ~
| \ N N i
OCR=2
3 N\
X 0.6 \ \
L \ -
OCR=1 \
0.4 \

| \

- 0.344 \ 1
oz k| K =1-344- » 0,6381 \

1- os]
R 0.22-OCR" .
0 [ - [ - [ [
0 0.1 0.2 0.3 0.4
o=1,/c",

FIG. 2-32: K, versus a relation for clay-like soil at various OCR and consolidated under the
imposed static shear stress.

2-42



3. PROCEDURES FOR EVALUATING THE CYCLIC FAILURE POTENTIAL OF
CLAY-LIKE FINE-GRAINED SOILS

Semi-empirical procedures for predicting liquefaction of sand-like soil have utilized the
Seed-Idriss (1971) simplified procedure for estimating cyclic shear stresses during earthquakes,
but similar analysis procedures have not been developed for predicting the cyclic failure of clay-
like soil. This section presents the development of analysis procedures for evaluating cyclic
failure of clay-like soils as follows.

e Section 3.1 presents a brief review of the Seed-Idriss simplified procedure for estimating
cyclic stresses induced by earthquakes.

e Section 3.2 reviews the relations between magnitude scaling factors (MSF) and equivalent
uniform cyclic loading, and subsequently presents the derivation of MSF relations for clay-
like soil.

e Section 3.3 presents the development of relations for the CRR of clay-like soils, taking into
consideration the different approaches that are used to characterize such soils.

e Section 3.4 discusses the consequences of triggering cyclic failure in clay-like soils.

The procedures developed in this section will later be illustrated through their application to case
histories in Section 4.

3.1 Seed-Idriss simplified procedure for estimating cyclic stresses

The Seed-Idriss (1971) simplified procedure provides a means for estimating the in situ
cyclic stresses that are induced by the vertical propagation of shear waves through level sites
during earthquake shaking. The peak cyclic stress ratio (CSRpeax) is computed as:

T o

CSF\’peak =%""k= Q 5ax #rd (3_1)

o-VC vc

where amax 1S the peak ground surface acceleration (in g's), oy is the total vertical stress, o' is
the effective vertical consolidation stress, and ry is a stress reduction coefficient that accounts for
the flexibility of the soil column (i.e., rq=1 corresponds to rigid body behavior). The CSRpcax 1s
then scaled by a factor of 0.65 to produce a CSR that is considered representative of the most
significant cycles over the full duration of loading, resulting in the following expression:

CSR=0.65-a,,, 2, (3-2)

max ’
ve

The stress reduction coefficient can be estimated using the following expressions (Idriss
1999, Idriss and Boulanger 2004):

ry = expla(z)+ f(z)M) (3-3a)
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ofz)=-1.012-1.126 sin[ zZ_ 5.133) (3-3b)
11.73
. z
B(z)=0.106 + 0.118 sm(” 25+ 142) (3-3¢)

where M is the moment magnitude of the earthquake and z is the depth in meters. Plots of rg
calculated using the above expressions for M of 5%, 6’2, 7' and 8 are presented in Fig. 3-1. The
uncertainty in these relations for rq increases with depth such that they should only be applied for
depths less than about 20+ m. For greater depths, the CSR should be estimated using site
response studies, provided that a high quality response calculation can be completed for the site.

3.2 Equivalent uniform cyclic loading and magnitude scaling factors

A magnitude scaling factor (MSF) is used to adjust the CSR and/or CRR to a common value
of M (conventionally taken as M=7.5) because the CRR depends on the number of loading
cycles which correlates to M (Seed et al. 1975b). The basic definition of the MSF is:

CRR,,

MSF = ———
CRRy_;5

(3-4)

Idriss and Boulanger (2004) reviewed various MSF relations that have been proposed for
liquefaction analyses of sand-like soils, and subsequently adopted the relation by Idriss (1999):

-M
MSF =6.9. exp[T) -0.058 (3-5)

<18

The resulting MSF values for sand-like soils range from MSF=1.8 at M < 5.25 to MSF=0.77 at
M=8.5, as shown in plots later in this section. MSF relations have not been derived for clay-like
soils, and thus their development is described herein.

MSF relations can be derived by combining: (1) correlations of the number of equivalent
uniform cycles versus earthquake magnitude, and (2) laboratory-based relations between CRR
and number of uniform stress cycles. These two relations are inter-dependent, as described
below, and thus must be developed in parallel to maintain compatibility.

Converting irregular stress time series to equivalent uniform time series

Methods for converting an irregular time series to equivalent uniform cycles involve concepts
similar to those used in fatigue studies. First, the relation between the CRR (liquefaction for
sand-like soils, cyclic failure for clay-like soils) and the number of uniform stress cycles (N) is
developed, such as shown in Fig. 3-2. This figure shows results for both sand-like and clay-like
soils with the cyclic strengths normalized by their respective cyclic strengths at 15 uniform stress
cycles. The data for either soil type is closely approximated using the form:
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CRR=a-N (3-6)

which produces a straight line with a slope of —b on a log(CRR) versus log (N) plot. The value of
b = 0.337 for clean sand was used by Idriss (1999) to derive an MSF relation for sand-like soils.
The value of b = 0.135 for clay is based on the average of the direct simple shear test results for
clays (i.e., average of 0.116, 0.129, 0.149, and 0.149) as were summarized in Table 2-1 and
presented in Figs. 2-12 and 2-18. Now consider two individual stress cycles having magnitudes
CSRa and CSRg, respectively. The relative number of cycles to cause failure at these two stress
ratios would be obtained using the above equation relating CRR to N; hence:

1
N, _(CSR, )" (3-7)
N, |CSR,

The damage from one cycle of stress at CSRp is then assumed to be equivalent to the damage
from X, cycles at CSR, if their numbers of cycles are an equal fraction of the number of cycles
to failure at their respective CSR. This means that X, can be computed as:

X, cycles 1cycle

N, N (3-8)
which leads to the expression,
CcsR,
- B -
X, = [CSRA] (1 cycle) (3-9)

This expression is used to convert individual stress cycles to an equivalent number of cycles at
some reference stress level. Note that the above form of the CRR-N relation is necessary for the
conversion to produce a unique result, and that the number of equivalent uniform cycles is
controlled by the choice of the reference stress level.

The conversion of an irregular stress time series into an equivalent number of uniform stress
cycles for sand-like and clay-like soils is illustrated using the simple example summarized in
Table 3-1. In this example, the time series consists of five individual cycles at shear stress ratios
of 1.0, 0.8, 0.65, 0.5 and 0.35, respectively. Consider first the conversion of this time series into
an equivalent number of loading cycles at a uniform stress ratio equal to 65% of the peak stress
ratio (i.e., 65% of 1.0 equals 0.65 in this example) for a sand-like soil (b=0.337). Cycle #5 is at
the lowest stress ratio of 0.35, for which it would take (0.65/0.35)"%**" = 6.27 times as many
cycles to be as damaging as a stress ratio of 0.65. Consequently, cycle #5 is equivalent to 1/6.27
= 0.16 cycles at a stress ratio of 0.65. Cycle #1 is at the strongest stress ratio of 1.0, which is
equivalent to 3.55 cycles at a stress ratio of 0.65. Completing the process for all five cycles and
summing the results converts this irregular stress time series to an equivalent 7.02 uniform cycles
at a stress ratio of 0.65 for a sand-like soil.
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Suppose that the reference stress ratio was instead taken as 100% of the peak stress ratio. In
this case, Table 3-1 shows that the same process converts the same irregular stress time series to
an equivalent 1.98 uniform cycles at a stress ratio of 1.0 for a sand-like soil.

The above two cases are then repeated for clay-like soil (b=0.135), with the same irregular
stress time series converting to 33.6 and 1.22 uniform cycles at reference stress ratios of 0.65 and
1.0, respectively (Table 3-1). Thus, the number of equivalent uniform cycles is greater for clay-
like soil than for sand-like soil when the reference stress is 0.65, but smaller when the reference
stress is 1.0. These differences reflect the fact that the b value is smaller for clay-like soil (i.e.,
flatter slope in Fig. 3-2) and thus the cyclic behavior is more strongly dominated by the larger
stress cycles in the time series.

Relating MSF, number of equivalent uniform stress cycles, and earthquake magnitude

Deriving an expression relating the number of equivalent uniform stress cycles (N) and
earthquake magnitude (M) first requires specifying the reference stress level and the exponent
"b" for the CRR versus N relation. For this study, the ratio of the reference stress to the peak
stress is defined as r., such that the Seed-Idriss simplified procedure would be modified as
follows:

CSR=r,a,, 2« r, (3-10)

e " max ’
ve

Past studies have traditionally used r.=0.65 per the original Seed-Idriss simplified procedure and
have focused on sand-like soils. For example, Seed and Idriss (1982) and Idriss (1999) derived
the relations between N and M shown in Fig. 3-3 for sand-like soil and r. = 0.65. These relations
and others (e.g., Liu et al. 2001) are based on applying the previously described procedure to
bins of recorded ground motion time series and assuming that acceleration time series can
directly represent stress time series.

The inter-relationships between MSF, N, and M are useful to review, as they can help guide
the limits on the resulting relations for practice. The MSF is directly related to the N versus M
relation through the equation:

b
msF = SRRy _ [ Nuoss (3-11)
CRR,_,; N,

where Ny-75 is number of uniform cycles for M=7.5 (e.g., Nm=75 = 15 cycles for sand with r, =
0.65, as shown in Fig. 3-3). Limiting values for MSF can be derived for very small magnitude
earthquakes where a single peak stress dominates the entire time series. Consider a time series
dominated by single pulse of stress (i.e., /2 to 1 full cycle depending on its symmetry) with all
other stress cycles being sufficiently small to neglect. Considering that this limiting case to
consist of % of a cycle at the peak stress, the equivalent number of uniform cycles corresponding
to r. = 0.65 for sand-like soils would be:



%.
N..= (i) " (i cyclej = 2.69 (3-12)
0.65 4

The maximum value for MSF would then be computed for sand-like soils as:

15 0.337
(MSF)max,cohesionless = m =1.78 (3 -1 3)

The above limit was incorporated into the MSF relation by Idriss (1999), which is compared to
those by other investigators in Fig. 3-4.

The relations for clay-like soil are derived herein by repeating the above process for a set of
124 time histories recorded at deep soil sites (Geomatrix site category D) in 13 different
earthquakes with M,, between 7 and 8 (Table 3-2). These earthquakes, in order of decreasing
My, were the 2002 Denali, 1999 Chi-Chi, 1979 St. Elias, 1999 Kocaeli, 1990 Manjil, 1952 Kern
County, 1978 Tabas, 1986 SMARTI1 (45), 1992 Landers, 1976 Calidran, 1999 Duzce, 1999
Hector Mine, and 1992 Cape Mendocino earthquakes. For each time series, the equivalent
number of uniform loading cycles was determined for both sand (b=0.337) and clay (b=0.135) at
a reference stress ratio of r. = 0.65 as illustrated by the example in Fig. 3-5. For this example
time series, Neiay = 43.2 and Ngang = 18.4, giving a ratio of Nejay/Ngang = 2.35.

The variation of Ngng and Negy with M,, for all the records is shown in Fig. 3-6. As
expected, the data show substantial variability with a general trend of increasing number of
cycles with increasing M,,. At M,, = 7.5, the median relations give Ngng = 16.9 and Nejy = 32.1,
from which the Ncjay/Ngang ratio would be 1.90. The median value for Ngng at My=7.5 is only
slightly larger than the value of 15 adopted by Seed and Idriss (1982) and Idriss (1999) and
slightly lower than the values obtained by Liu et al. (2001). A second set of estimates for Ngng
and Ny at My, = 7.5 was obtained from these data by tabulating the median values for each
earthquake in this magnitude bin and then taking the median of those values. The resulting
estimates were Ngang = 16.2 and Njay = 30.8, which are both only slightly smaller than the values
obtained from the regression lines in Fig. 3-6. The fact that the set of time series used herein
produced Ngng values consistent with prior studies suggests that the estimated N,y value would
be unlikely to change significantly with further expansion of the time series data set or with a
more detailed statistical analysis.

The ratio of Njay/Nsand Obtained for individual records is plotted versus the value of Ngg in
Fig. 3-7. The ratio Nciay/Nsand decreases with increasing Ngang, Which is expected because the
single strongest peak has a smaller overall influence as the total number of cycles in the record
increases. The residuals in the Ngjay/Nsand versus Ngng relation showed only a very slight
dependence on distance or magnitude, which can be neglected for practical purposes. The
variance in the ratio Ngjay/Ngang 1S smaller than the variance in the Ny or Ngng versus My
relations shown in Fig. 3-6, which simply reflects the fact that N,y and Ngng are correlated
through the duration of any given record. The median value for the ratio Njay/Ngang 1 1.93 at
Nsand = 15. If Ngang = 15 for M, = 7.5, then this ratio produces a corresponding N,y value of 29,
which is only slightly smaller than the N,y values of 31-32 derived from Fig. 3-6.
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Taking the above estimates into consideration [i.€., (Neiay/Nsand) X 15 = 29, versus Nepay = 31
to 32 from Fig. 3-6], a value of N.a, = 30 was adopted as being representative for M,=7.5
earthquakes when using r. = 0.65. Note that this estimate pertains to the number of loading
cycles in one direction only, while the additional effects of shaking in the orthogonal direction
will need to be considered separately.

The role of r. is illustrated in Fig. 3-8 showing how N varies with r. for both sand-like and
clay-like soils at a single earthquake magnitude (M = 7.5 for this figure). This figure illustrates
that when the reference stress is defined by r. values less than about 0.8, then the smaller b value
for clay-like soil results in having a larger number of equivalent uniform loading cycles than for
sand-like soils. In contrast, if the reference stress was instead defined by r. values greater than
about 0.8, then clay-like soil would have a fewer number of equivalent uniform loading cycles.

An MSF relation for clay-like fine-grained soil was subsequently developed following the
same logic previously described for sands. First, the limiting value of MSF was computed for >
cycle at the peak stress (the flatter b value suggests that /2 cycle is a better limit than the % cycle
used for sand-like soil). This gives a minimum N for r, = 0.65 of:

1.0 %.135 1
Nmin = (m) (E Cyc’e) =122 (3-14)

This minimum N value was used to compute the maximum (limiting) MSF value as:

30 0.135
(MSF)max,cohesive = m =1.13 (3- 1 5)

which is assumed to be applicable for M less then about 5. The resulting MSF relation for clay-
like soil, following the same form as used for sand, is:

-M
MSF =1.12. exp(T) +0.828 (3-16)

MSF <1.13

This MSF relation is plotted in Fig. 3-9, along with the relation developed by Idriss (1999) for
sands. The smaller b value for clay-like soils produces a much flatter MSF relation because the
response is more strongly controlled by the few strongest cycles in a time series. In addition, the
MSF relation for clay-like soils is relatively insensitive to variations in the selected parameters
(e.g., b value, Ny=75 value). For example, if the equivalent number of loading cycles for a
M=7.5 earthquake was instead taken as 35 cycles, the limiting MSF value from Equation 3-15
would only increase by about 2% to 1.15. Or if the value of b was taken as 0.149 (the largest
value from Table 2-2) while keeping Ny-75 = 30 (the higher b value would, in fact, cause this
value to decrease), then Equations 3-14 and 3-15 would produce a limiting MSF value of 1.20 (a
6% increase). Thus, the derived MSF relation provides a reasonable means for incorporating the
effects of shaking duration on the cyclic strength of clay-like fine-grained soils, and is unlikely to
be significantly affected by a more extensive analysis of other recorded earthquake time series.
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Implementation of the magnitude scaling factor

MSF factors may be implemented in either of two ways. For liquefaction triggering analyses
of sands, the common SPT or CPT correlations provide an estimate of CRR that corresponds to
M = 7.5 [i.e., (CRR)\=75]. It has become common to adjust the CSR computed for a site
subjected to earthquake ground motions caused by an earthquake with magnitude M [i.e.,
(CSR)um] to the equivalent CSR for a M = 7.5 earthquake [i.e., (CSR)m=75] and then compare
these values in computing the factor of safety (F):

_(csr),
(CSR)u-7s = MSF (3-17)
— (CRR)M=7.5
~ (CSR)y_rs (3-18)

Alternatively, the CSR and CRR may be compared at the design earthquake magnitude, in which
case the CRR is adjusted while the CSR is not:

(CRR),, = (CRR),,_, s MSF (3-19)
- o

The above two approaches are equivalent, but the latter approach has a strong advantage
when analyzing a soil profile containing both clay-like and sand-like soils. The advantage stems
from the fact that the MSF is different for sand-like and clay-like soils, and it is therefore
convenient to use the MSF to adjust CRR rather than have the computed CSR varying with soil

type.

3.3  Cyclic resistance ratios for clay-like fine-grained soil

The cyclic strength of clay-like fine-grained soils (identified as PI > 7 in Section 2) can be
evaluated through cyclic laboratory testing or estimated as a ratio of the soil's monotonic
undrained shear strength (s,). In turn, s, may be measured using in situ or laboratory testing, or
estimated using empirical correlations. Consequently, the CRRy=75 of clay-like soils may be
evaluated using the following three approaches:

e Approach A: Measure CRR by cyclic laboratory testing.

e Approach B: Measure s, by in situ or laboratory testing, and then multiply it by an
empirical factor to obtain the CRR.

e Approach C: Empirically estimate CRR based on the stress history profile.

The latter approach C requires knowledge of the consolidation stress history for the clay-like

soil, after which empirical relations can be used to estimate s, and/or CRR. The direct
measurement of s, in approach B provides increased confidence in the estimated CRR, while the
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direct measurement of CRR in approach A provides the highest level of insight and confidence.
These different approachs provide the opportunity to evaluate a site with progressively
increasing levels of confidence, while considering the potential benefits that additional
information may provide given the uncertainties in the current level of analysis.

Approach A is the most direct approach and does not require further discussion, other than to
note that careful attention to the laboratory testing protocols is essential and that the results can
be interpreted using the framework presented earlier in this report.

The various approaches for measuring s, by in situ and laboratory testing are discussed first,
followed by the development of the procedures for approaches B and C.

Comments on estimating s, profiles based on in situ and laboratory tests

Profiles of s, for a clay-like fine-grained soil deposit are often evaluated using in situ tests
like the vane shear test (VST) or cone penetration test (CPT). The SPT N value has also been
correlated to s,, but the scatter in such correlations is large enough that any resulting estimate is
highly uncertain. VST tests provide perhaps the most direct measurement of the soil's peak s,
which can then be empirically adjusted to a field value that is more appropriate for analyzing the
stability of an embankment on soft clay (i.e., for the effects of a different loading paths and rates)
(Bjerrum 1972). This empirical adjustment is computed as:

(su )field =4 (Su )vsr (3-21)

where the vane shear correction factor (u) varies with PI as shown in Fig. 3-10 (from Ladd and
DeGroot 2003). The VST also normally provides a measurement of the soil's fully remolded
(residual) strength, s,,, from which the sensitivity S; can be obtained.

The CPT provides a less direct measurement of s, in that the cone tip resistance is related to
sy through the relation:

_ 9der — 0O, -
s, = der 0 (3-22)

The cone factor Ny depends on the soil's reference shear strength (e.g., VST, ACU triaxial
compression test, DSS), the shear modulus (G or Gfs, ratio), the coefficient of lateral earth
pressure at rest (K,), and other factors such as inherent anisotropy, fissuring, and cone surface
roughness (e.g., Yu et al. 2000). Empirical relations for N (e.g., Kulhawy and Mayne 1990)
show values ranging mainly between about 10 and 30, which leaves considerable uncertainty in
an estimate of s, based solely on CPT data. In addition, the cone tip resistance in soft clays must
be corrected for pore water pressure effects (i.e., the corrected value is referred to as qcr in the
above relation) and can be affected by other factors such as calibration errors or electronic drift
For these and other reasons, Ny factors are best confirmed by site specific correlations using
independent measurements of s,,.
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Ladd (1991) and Ladd and DeGroot (2003) provide a detailed discussion of various
techniques and issues involved in obtained s, profiles from laboratory testing programs, and the
reader should refer to these or other references for a thorough treatment of the subject.
Consolidated undrained (CU) tests provide better information than unconsolidated undrained
(UU) tests. The preferred procedures for consolidation of samples in the laboratory depends on
the nature of the soils, with the SHANSEP approach (Ladd and Foot 1974) being advantageous
for mechanically consolidated "ordinary" clays while the NGI Recompression technique (e.g.,
Bjerrum 1973) is advantageous for highly structured or cemented clay-like soils. CU tests enable
the interpretation of strength data in terms of stress normalized parameters, which is particularly
advantageous for the analysis of staged construction projects that progressively alter the
consolidation stress history of the foundation soils.

Unconsolidated-undrained (UU) or unconfined compression tests provide estimates of a soil's
sy for the current in situ consolidation state. Estimates of s, from UU or unconfined compression
tests have more uncertainty compared to estimates from CU tests because of the greater effects
of sample disturbance.

Undrained strengths vary substantially with the loading path, as was illustrated in Fig. 2-10;
triaxial compression (TC) giving the highest strength, direct simple shear (DSS) being
intermediate, and triaxial extension (TE) giving the lowest strength. The average strength for a
failure surface that includes portions that mimic TC, DSS, and TE conditions is generally close
to (or slightly greater than) the strength obtained from direct simple shear tests. For this reason,
direct simple shear tests would be the preferred choice when only one type of test device is being
used to evaluate the seismic response/stability of many structures. In cases where equipment
availability has led to the use of triaxial compression tests, the resulting s, values should be
reduced by approximately 20% to 35% based on empirical correlations (e.g., Kulhawy and
Mayne 1990) to represent a strength appropriate for average or direct shear loading conditions
(like horizontal shaking).

Approach B: Estimating CRR from the measured s, profile

Values of cyclic strength, .., may be empirically estimated based on the measured s, profile
for a clay-like fine-grained soil deposit. When the reference stress level is taken as 65% of the
peak seismic stress (i.e., re = 0.65), the resulting relation for the CRR of clay-like soils in M=7"
earthquakes can be computed as,

CRRM:7.5 = Czo '(Tcycj : S,u ‘Ka (3‘23)
N=30

SU GVC
where Cyp is a correction factor for the effects of two-dimensional shaking in the field (discussed
later in this section) and K, is the static shear stress correction factor described in Section 2.5.

Normalized cyclic strength ratios are summarized in Table 3-3 for several soils, including
those previously listed in Table 2-1, the two compacted clays from Fig. 2-27, and the natural silt
that is described in Fig. 3-11. The data in Table 3-3 include representative Atterberg Limits, the
type of cyclic tests performed (DSS versus TX), the as-tested overconsolidation ratio (OCR), the

3-9



undrained shear strength ratio (s,/G,.') when normally consolidated (OCR=1), the tcy./s, ratios
required to trigger peak shear strains of 3% in 15 and 30 uniform cycles of undrained loading,
and the 1.,/ o\ ratios required to trigger peak shear strains of 3% in 15 and 30 uniform cycles
of undrained loading when normally consolidated (OCR=1). The triaxial test data for the
compacted clays by Seed and Chan (1966) and the direct simple shear test data for the thin-
walled tube samples of the natural "CWOC" silt by Woodward-Clyde (1992) do not include data
for normally consolidated conditions.

The t.yc/sy ratio for N=30 cycles is plotted against PI in Fig. 3-12(a) for the soils summarized
in Table 3-3. The different types of soils and test conditions are highlighted in this figure, from
which the following observations can be made:

e The tailing slimes gave the lowest ratios of ty/su, perhaps being about 20% lower than
the natural silts and clays. The tailing slimes data cover a lower range of PI's (10.5 to 13)
than the natural silts and clays (10 to 73) and are much younger (hours in the case of the
tests by Romero) than the natural silts and clays. Consequently, it is not clear how much
of this difference in tcy/s, ratios is due to differences in PI or age.

e The compacted silty clay and compacted sandy clay by Seed and Chan (1966) gave the
highest ratios of tcy/s,. These specimens were partially saturated and tested in
unconsolidated-undrained conditions, such that their state of effective stress was not
known.

e The triaxial and DSS tests gave comparable t./s, ratios for the natural silts and clays,
while the triaxial tests on tailings slimes appeared to give T.y./s, ratios that were about 15
to 20% lower than obtained in DSS tests on tailings slimes.

It is clear that the data summarized in Fig. 3-12(a) are insufficient to clearly define the various
factors that may affect the t.,/s, ratio, such as age, PI, soil type, OCR, and test type. Despite
these uncertainties, the data for natural soils do tend to fall within relatively narrow ranges. It is
subsequently suggested that the (Tcyc/su)n=30 ratio be taken as 0.83 (+£15%) for natural clay-like
soils subjected to direct simple shear loading conditions, with due recognition that the continued
compilation of laboratory test data can lead to future refinements in this estimate and its
uncertainty.

The (Teye/Su)n=30 ratios in Fig. 3-12(a) are based on s, values determined at standard loading
rates for monotonic CU (consolidated undrained) laboratory tests. Conceptually, these ratios
may be adjusted whenever the s, value pertains to a significantly different loading rate. For
example, corrected vane shear strengths correspond to the long-term strain rate in the field
(through the empirical VST correction factor) which is considerably slower than the standard
strain rate in CU laboratory tests. Conversely, unconsolidated undrained triaxial tests use a much
higher loading rate than is used for CU tests, but then their strengths are affected considerably
more by sample disturbance. In most situations, an additional correction for different s, loading
rates will be small relative to the uncertainties that arise from the natural soil heterogeneity,
limitations in laboratory and in situ test results, and limitations in the various empirical relations
that may be used (e.g., the vane shear correction factor; the (Tcye/Su)n=30 ratio from Fig. 3-12).
While future studies may provide improved guidance on this issue, such a refinement does not
seem warranted at this time.
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The effects of two-directional shaking would be expected to slightly reduce the available
CRR for clay-like soils, as it does for sands. Seed (1979) reviewed experimental data on the
effects of two-directional cyclic loading on the CRR of saturated sands, and recommended that
the CRR for two-dimensional shaking could be estimated as 0.9 times the CRR for one-
dimensional cyclic loading. Similar experimental data are not available for clays, but there are
good reasons to expect that the effect of two-directional cyclic loading is smaller for clays than
for sands. For example, suppose that the correction factor for two-dimensional cyclic loading
(Cyp) was primarily due to the effects of additional loading cycles. In this case, C,p could be
expressed as:

o - 2 (3-24)

where Njp and Npp are the equivalent numbers of uniform loading cycles imposed by one-
dimensional and two-dimensional shaking, respectively. If Cyp is taken as 0.9 for sands, then the
ratio of N,p/Njp would be computed as 1.37 based on b = 0.337; i.e., the effect of two-
directional shaking would be equivalent to increasing the number of one-dimensional loading
cycles by 37%. The above equation can then be rearranged to estimate a C,p for clays that is
consistent with the value of 0.9 for sands:

(b)clay
(CZD )clay = [(CZD )sand ](b)sand (3'25)
0.135
(C2p )ejay =0-9%%7 =0.96 (3-26)

Thus, the expected effect of two-dimensional shaking on clays may be estimated as about a 4%
reduction in CRR, versus the 10% reduction expected for sands. This estimate of C,p for clays is
adopted herein pending the availability of direct experimental data regarding this effect.

The CRRy=7 5 for natural deposits of clay-like fine-grained soils can then be estimated as:

CRRy._1.5 c(] UK, (3-27)
Su In=30 Ove
CRRy_;5 = 0.96-0.83- 4 .K_ (3-28)
UVC
CRRy_;5 = 0.8 .K, (3-29)

GVC

For tailing slimes, the above estimate of CRR should tentatively be reduced by about 20% as
suggested by the data in Fig. 3-12. In many situations, the uncertainty in the s, profiles will be
greater than the uncertainty in the (tcyc/sy)n=30 ratio, but for those cases where the uncertainty in
the (Teye/Su)N=30 ratio is important, a detailed cyclic laboratory testing program would be
warranted.



Approach C: Empirically estimating CRR based on the consolidation stress history profile

Cyclic strengths may be similarly computed from empirical s, relations in conjunction with
an established consolidation stress history profile. As noted in Section 2.0 of this report, the
undrained shear strength, s,, can be related to 'y, and OCR as follows:

S u
’
ve

— S-OCR" (3-30)

Q

An accurate assessment of the stress history (i.e., OCR) is generally more important than refined
estimates of the parameters m and S for defining s, for clay-like soils. For this reason, the
parameters m and S are sometimes estimated empirically while engineering efforts focus on the
stress history of a site. The CRRy=75 can then be estimated by combining this expression with
the relations presented in approach B to arrive at:

CRR,_,5 =0.8-S-OCR™ K, (3-31)

For homogenous, low- and high-plasticity, sedimentary clays (CL and CH), the simplest
representation may be to use S = 0.22 and m = 0.8 (Ladd 1991), such that the CRR is estimated
as:

CRR,_,5 =0.8-0.22-OCR%® .K_, = 0.18 . OCR*% .K (3-32)

Measured values of (T¢ye/Gvc')n=30 for the several normally consolidated soils in Table 3-3 are

plotted versus PI in Fig. 3-12(b). The following observations can be made from this figure:

e The tailings slimes had similar (tcyc/Gyc')n=30 Values to those for the natural clays, despite
their differences in PI and age.

e The cyclic DSS tests appear to give (Tcy/Ovc')N=30 Values that are about 20% smaller than
those obtained in cyclic triaxial tests. As noted in Table 3-3, the monotonic and cyclic
shear stresses in TX tests were computed as t = q/2. If the shear stresses were instead
computed for the eventual shear plane as t = (q/2)-cos(¢'), then the (Tcye/Gvc)N=30 Values
for TX tests would have been about 15% smaller (i.e, ¢' = 32°) and the difference
between DSS and TX test results in Fig. 3-12(b) would have been very small. [Note that
the ratio tcy/sy for TX tests is the same for either interpretation of shear stresses.]

e The one natural silt (MH) had the highest (tcyc/Gyc')n=30 value, which may be attributable
to its very high PI. However, the other data show no apparent trend with PI.

It is suggested that the (Tcye/Gvc')N=30 ratio might reasonably be estimated as 0.183, independent
of PI, for normally consolidated clay-like fine-grained soils subjected to one-dimensional direct
simple shear loading (as shown on Fig. 3-12(b)). The corresponding CRRy-75 value for two-
dimensional shaking would then be approximately 0.18, independent of PI. This value is
consistent with the above derivation based on S = 0.22, (Tye/su)n=30 = 0.83, and C,p= 0.96,
reflecting the fact that the adopted relations in Figs. 3-11(a) and (b) were partly chosen for their
consistency.
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For sedimentary deposits of silts and organic soils plotting below the A-line on the Atterberg
Limits chart, Ladd (1991) suggested that the simplest representation may be to use S = 0.25 and
m = 0.8 in Eq. (3-31). This S value is about 14% greater than the typical S = 0.22 value for
homogenous sedimentary clays, which would imply that such silts and organics soils would have
a 14% higher CRR if the (t¢y/su)n=30 ratio was the same for both soil types. The data in
Figs. 3'11(a) and 3-11(b) are not, however, complete enough to clearly define the dependence of
CRR values on the various factors of concern, including any potential differences between silts,
organic soils, and clays. It is therefore suggested that the CRR of silt or organic soil plotting
below the A-line but still having PI >7, may be estimated using the same expression given above
for CL and CH soils; i.e.,

CRR,,_;5 = 0.18-OCR*® .K (3-33)

Continued compilation of cyclic laboratory test data on clay-like fine-grained soils is needed
to refine the relation between cyclic strength and consolidation stress history. Such compilations
can be expected to result in more well-defined estimates of cyclic strength and the uncertainties
in such relations.

Comparing CRR values estimated using clay-like versus sand-like relations

The significance of the procedures proposed herein are illustrated by a couple of very simple
examples. First, consider a fine-grained clay-like soil with PI = 8 and LL = 31 at a depth of 5 m
in a soil deposit with the water table at a depth of 1 m. The soil has an OCR of 1.2, such that the
undrained shear strength is about 15 kPa [=0 .226,.'(OCR)*"] and the measured CPT and SPT
penetration resistances would be about qen = 3.2 [=15s, + ©y0] and Ngyo = 3 [Kulhawy and Mayne
1990]. Such a soft soil would have a high water content and very reasonably could be classified
as "liquefiable" by some of the existing criteria. In that case, it would be common practice to
enter a CPT- or SPT-based liquefaction correlation and estimate this soil's CRRy=7 5 to be about
0.11. In contrast, a value of CRRy=75 of about 0.21 is obtained using the procedures proposed
herein. This difference of about 90% can obviously be very important in many applications.

Now reconsider the same problem but suppose this soil has a LL of 36 with 15% finer than
2 um and 25% finer than 5 um. In this case, the soil may be classified as "nonliquefiable" by
some existing criteria and many engineers would then incorrectly conclude that this soil did not
represent a potential problem. However, the soil would have the same undrained shear strength
and CRR7s as in the previous example, in which case it very well could be the source of large
ground deformations in certain situations (sloping ground, overlying building foundation, strong
shaking).

34 Consequences of cyclic failure in clay-like fine-grained soil
The consequences of cyclic failure in clay-like fine-grained soils, in terms of potential
deformations or instability, depend on the soil's sensitivity (i.e., S; = ratio of peak to remolded

undrained shear strength). Sensitivity of natural clay-like soil can be related to the soil's liquidity
index (LI) and effective consolidation stress, as illustrated previously in Fig. 2-20 (Mitchell
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1993). Soft normally-consolidated or lightly-overconsolidated clays will generally have higher
natural water contents, higher LI values, and higher sensitivities, and will therefore be most
prone to strength loss during earthquakes. Well compacted and heavily overconsolidated clays
will have lower natural water contents, lower LI values, and be generally far less sensitive to
remolding. Consequently, with all else equal, potential ground deformations that arise from
cyclic failure may range from relatively severe in natural quick clays (i.e., S; > 8) to relatively
minor in well-compacted or heavily overconsolidated clays.

This aspect of behavior is analogous to the fact that the consequences of liquefaction in sands
are much more severe for loose sands than for medium-dense sands, as reflected in the
correlations that show residual shear strengths increasing, and potential shear strains decreasing,
as the SPT (Nj)eo value increases (e.g., Seed 1987, Ishihara 1996). Similarly, for clay-like fine-
grained soils, their residual strength will increase and potential strains will decrease with
decreasing LI (or wy) or increasing OCR. Thus, cyclic failure of clay-like soils should not
necessarily be assumed to imply that a major problem exists, but rather that it is necessary to
next evaluate the potential deformations.

Potential deformations in clay-like fine-grained soils may be estimated by either a Newmark
Sliding Block type of procedure or by integrating estimated strains (shear or volumetric) over the
thickness of the deforming strata. The choice of method depends on the specific problem and the
expected mode of deformations. In some cases the parallel application of both methods may
provide valuable insights. In this regard, the future development of relationships between the
factor of safety against cyclic failure and expected shear strains or volumetric (reconsolidation)
strains would be beneficial.

Newmark-type procedures evaluate the accrual of displacements along a defined slip surface
as inertial forces from shaking cause the shear strength of the soils to be exceeded. Newmark-
type procedures are widely used in practice, with early examples of their application to slopes in
clayey soils including the work by Makdisi and Seed (1978), Seed (1979), and Idriss (1985).
These types of analyses can also be easily modified to account for loss of shear strength with
increasing displacement, such as done by Idriss (1985) in analyzing the Fourth Avenue slide in
Anchorage during the 1964 Alaskan earthquake. In that case, the soils had a sensitivity of about
3, and so the loss of soil strength due to remolding was very significant. Alternatively, the
Newmark-type analyses may use a constant undrained shear strength that represents the degree
of strength loss that is expected for that soil under the design earthquake loading.

The undrained shear strength of clay after cyclic loading will generally be less than the
original static undrained shear strength, with the magnitude of the reduction depending on the
clay's characteristics, the strains imposed by the cyclic loads, and the number of loading cycles
(e.g., Thiers and Seed 1969, Andersen 1976). For example, Thiers and Seed (1969) summarized
results for San Francisco Bay Mud and Anchorage silty clays that showed post-cyclic undrained
shear strengths to be at least 90% of the static undrained shear strength when the peak cyclic
strains were less than )% the corresponding failure strain in a static undrained loading test. The
same data show the post-cyclic undrained shear strengths dropping to less than 40% of the static
undrained shear strength when the peak cyclic strains exceeded the corresponding failure strain
in a static undrained loading test. Using the cyclic failure analysis procedures presented in this
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report, a factor of safety of 1.0 against cyclic failure corresponds to about 3% shear strain, after
which continued cyclic loading causes shears strains to rapidly increase. Thus, the onset of
cyclic failure (i.e., a factor of safety of 1.0) corresponds to the point where the post-cyclic
undrained shear strength of the clay will be transitioning from values near its original static
strength to values nearer its residual or fully remolded strength.

The magnitude of strain or ground displacement that will reduce a clay's undrained shear
strength to its fully remolded value is currently difficult to assess. It is generally recognized that
it would take less ground displacement to fully remold a very brittle soil (e.g., quick clay) than it
would take to remold a more ductile soil (i.e., relatively insensitive clay), but defining the
transition from peak to remolded shear strengths is complicated by limitations in our
experimental methods and our ability to predict shear localizations in the field. Experiences
from case histories provide only limited guidance on this issue, and thus additional research is
necessary before reliable methods for defining this aspect of behavior can be developed.

Determining the stress history and sensitivity of clay-like fine-grained soils are therefore two
key tasks for evaluating both the potential for cyclic failure and the potential consequences of
cyclic failure. The effect of increasing OCR on cyclic behavior of natural clay-like soils is very
strong because it impacts both the resistance to cyclic failure (i.e., CRR) and the potential
consequences of cyclic failure. For example, clay with an OCR of 8.0 versus 1.0 would have
more than five times the cyclic strength, be far less affected by the presence of static shear
stresses such as in slopes (Fig. 2-32), and generally be much less sensitive to remolding.
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Table 3-1: Simple example illustrating conversion of an irregular stress time series to equivalent
uniform cycles at different reference stresses for sand-like and clay-like soil.

Shear stress| Equivalent number of uniform loading cycles for sand-like | Equivalent number of uniform loading cycles for clay-like soil
ratio soil with b=0.337 with b=0.135
@ 65% of the peak stress @ 100% of the peak stress | @ 65% of the peak stress @ 100% of the peak stress

cycle 1 1.00 3.55 1.00 27.49 1.00
cycle 2 0.80 1.84 0.52 4.94 0.18
cycle 3 0.65 1.00 0.28 1.00 0.04
cycle 4 0.50 0.46 0.13 0.13 0.00
cycle 5 0.35 0.16 0.05 0.01 0.00
Total number of 7.02 1.98 33.57 1.22

uniform cycles =
@ Based on CRR = a(N)”
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Table 3-2: Stations at D sites during M,, =7 to 8 earthquakes whose records were used to
compute equivalent numbers of uniform cycles.

Earthquake M,, Station Closest Dist. PGA
(km) (g)
Denali, AK (2002) 7.9 Eagle River - AK 249 0.01
7.9 NOAA Weather 278 0.02
7.9 Anchorage NewFS1 269 0.02
7.9 Anchorage Police Headquarter; 272 0.01
7.9 R109(temp) 49 0.08
7.9 Fairbanks Ester FS 140 0.04
7.9 K203 266 0.01
7.9 K204 277 0.01
7.9 K205 272 0.01
7.9 K206 271 0.01
7.9 Taps pump station 09 56 0.06
7.9 Taps pump station 11 126 0.08
Chi-Chi, Taiwan (1999) 7.62 |CHY002 25 0.13
7.62 |CHY008 40 0.12
7.62 |CHY025 19 0.16
7.62 |CHY039 32 0.11
7.62 |CHY092 23 0.10
7.62 |CHY104 18 0.17
7.62 |CHY107 51 0.10
7.62 |HWA012 57 0.07
7.62 |TAPO10 102 0.10
7.62 |TCUO56 11 0.13
7.62 [TCU111 22 0.12
7.62 |TCU116 12 0.17
St. Elias, Alaska (1979) 7.54 |lcy Bay 5 0.13
7.54 |Yakutat 72 0.07
Kocaeli, Turkey (1999) 7.51 Attakoy 71 0.13
7.51 Bornova 322 0.01
7.51 |Botas 140 0.10
7.51 Bursa 67 0.1
7.51 Canakkale 278 0.03
7.51 Duzce 15 0.33
7.51 |Kuthaya 145 0.05
7.51 Usak 227 0.01
7.51 Yarimca Petkim 4.7 0.31
7.51 Zeytinburnu 66 0.11
Manijil, Iran (1990) 7.37 |Abbar 19 0.51
7.37  |Abhar 68 0.17
7.37  |Tehran - Sarif University 157 0.01
7.37 |Tonekabun 81 0.11
7.37 |Qazvin 40 0.16
7.37 |Rudsar 61 0.09
7.37 |Tehran - Building & Housing 159 0.03
Kern County, CA (1952) 7.36  |LA - Hollywood Stor FF 113 0.05
Tabas, Iran (1978) 7.35 |Ferdows 93 0.10
7.35 |Kashmar 201 0.04
SMART1(45) (1986) 7.3 Co0 39 0.14
7.3 008 39 0.15
Landers, CA (1992) 7.28 |5070 N. Palm Springs 27 0.14
7.28 |Barstow 37 0.13
7.28 |Boron Fire Station 91 0.10
7.28 |Yermo fire station 25 0.19
7.28 |San Bernadino - E&Hospit 80 0.08
7.28 |Palm Springs airport 36 0.08
7.28 |Indio 54 0.11
7.28 |Fort Irwin 64 0.12
7.28 |Hemet fire station 69 0.09
Calidran, Turkey (1976) 7.21  [Maku 51 0.08
Duzce, Turkey (1999) 7.14 |AslanR. 131 0.03
7.14  |Yarimca Petkim 98 0.02
7.14 |Bolu 12 0.77
7.14  |Bursa Tofas factory 166 0.02
7.14  |Duzce 7 0.43
7.14  |Kutahya 168 0.02
Hector Mine, CA (1999) 7.13 |Desert Hot Springs - fire statior 56 0.07
7.13  |Fort Irwin 66 0.12
Cape Mendocino, CA (1992) 71 Eureka - Myrtle & West 33 0.17
71 Fortuna Blvd 14 0.12
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FIG. 3-1: Variation of stress reduction coefficient with depth and earthquake magnitude
(from Idriss 1999).
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FIG. 3-2: Variation in cyclic strengths for clay (tcy/suy) and sand (CRR), normalized by the
cyclic strength at 15 uniform loading cycles, versus number of uniform loading cycles
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4. CASE HISTORY APPLICATIONS
4.1 Fourth Avenue slide in Anchorage during the 1964 Alaskan earthquake

The Fourth Avenue slide in Anchorage during the 1964 Alaskan Earthquake provides an
opportunity to evaluate the proposed procedure's abilities to distinguish between the areas that
experienced large ground displacements and the areas where movements were relatively small. A
brief overview of background information from Idriss (1985) is provided before presenting the
analysis results.

The Fourth Avenue slide damaged an area about 1,600 feet long and 900 feet wide between
Fourth and First Avenues and between E Street and slightly east of A Street in Anchorage. The
photograph in Fig. 4-1 shows the nature of the dramatic ground deformations along Fourth
Avenue at the head of the landslide. Three cross-sections across the landslide are shown in
Fig. 4-2, illustrating how the sliding was primarily translational toward the bluff along the
adjacent channel (Ship Creek). The lateral sliding created grabens, within which vertical
movements of up to 10 feet were measured. The lateral movements were up to 19 feet between
the bluff and the first graben, up to 11 feet between the first and second grabens, and less than a
few inches behind the second graben.

The 1964 Alaskan Earthquake (M,=9.2) was estimated to have produced a peak ground
surface acceleration of about 0.15g to 0.20g in Anchorage based on observed patterns of damage
to structures and their contents. No strong ground motion recordings were obtained. Eyewitness
reports indicated that the sliding initiated about 1.5 to 2 minutes after the start of shaking and that
sliding ceased when shaking stopped (duration of strong shaking was about 2 to 3 minutes in
other areas while felt motions in Anchorage were reported to range from 4 to 7 minutes).

The soil profile along D Street is illustrated by the cross-section in Fig. 4-3 and the
boring/CPT sounding results in Fig. 4-4. These and other exploration results indicate that the
upper 35 to 40 feet consists of very dense gravels and sands (Naptowne Outwash), which is
underlain by 30 to 35 feet of interbedded layers of clays (Bootlegger Cove clay), silty sands and
sandy silts. The clays in this interbedded zone are stiff to very stiff and have OCR of 3 to 4. The
silty sands and sandy silts are dense to very dense, as illustrated by the high SPT N values and
high CPT tip resistances in Fig. 4-4. The interbedded zone is underlain by a uniform layer of
Bootlegger Cove clay to depths greater than 150 feet (limit of exploration). This clay classifies as
CL based on typical LL and PI values of 39 and 14, respectively, and was lightly
overconsolidated with OCR of about 1.2 to 1.5, as illustrated by the consolidation test data
plotted in Fig. 4-5.

The base of the slide was determined to have formed within the Bootlegger Cove clay just
beneath the interbedded zone. It is highly unlikely that liquefaction occurred in the dense silty
sands and sandy silts in the interbedded zone given their very high penetration resistances, and as
indicated by liquefaction analyses that result in very high factors of safety against liquefaction.
Failure of the clays in the interbedded zone is also highly unlikely, given that they were more
overconsolidated and stiffer than the underlying Bootlegger Cove clay.

4-1



The undrained shear strength of the uniform Bootlegger Cove clay layer was assessed using
SHANSERP testing of high quality tube samples. The normalized strength results are summarized
in Fig. 4-6. In addition, the clay exhibited medium sensitivity with laboratory measurements
giving sensitivities (S;) of about 3 or less (Idriss 1985). The fully remolded shear strength of the
clay at large displacements would therefore be expected to be about 1/3 of the peak undrained
shear strength.

The potential for cyclic failure of the Bootlegger Cove clay during the 1964 earthquake can
now be evaluated using the procedures recommended in this report. The analysis steps are
summarized in Table 4-1, showing results for conditions: (a) within the slide mass between the
bluff and the first graben, and (b) outside the slide mass. In addition, the calculations are
repeated for various values of OCR to illustrate the importance of stress history on the cyclic
strength of clay-like soil. The induced CSR was computed for a peak ground surface acceleration
of 0.20 g and using the r4 relation by Idriss (1999). Other parts of the analyses are described
below.

The static shear stress ratio (o) along the horizontal portions of the slide failure plane was
approximated using static equilibrium of three representative soil blocks along B Street. The first
soil block extended 180 feet back from the bluff edge and encompassed the zone of greatest
ground displacement (i.e., from the bluff to the first graben). The second block was also 180 feet
long, extending from 180 to 360 feet back from the bluff and encompassing the remaining zones
where ground displacements were several feet (i.e., between the first and second grabens). The
third block was again 180 feet long and extended back into the region where ground
displacements were less than % foot (i.e., behind the second graben). Ground surface and water
table elevations are listed in Table 4-1. The upslope side of each block was bounded by a vertical
face carrying a horizontal pressure distribution that corresponds to a coefficient of earth pressure
K, and the base of each block was assumed to have a constant value of a.

The values of o were then determined for a range of possible assumptions to evaluate likely
magnitudes. For example, suppose that K is 0.55 for all three blocks. This value of K is likely
smaller than the coefficient of lateral earth pressure at rest (K,) for the soils above the eventual
slide plane because these soils are known to be significantly over-consolidated. Nonetheless, this
value of K might be reasonable given that some amount of lateral straining toward the channel
might reduce K below the ideal level-ground K, value. Analyzing the blocks in succession, with
K = 0.55 for all three blocks, produces calculated o values of 0.103, 0.055, and 0.0 for blocks 1,
2, and 3, respectively. Alternatively, suppose that K was 0.55, 0.6, and 0.65 for blocks 1, 2, and
3, respectively, as a consequence of being different distances from the channel. In this case, the
successive analysis of each block produces calculated a values of 0.095, 0.061, and 0.01 for
blocks 1, 2, and 3, respectively. These and other analysis scenarios suggest that o might
reasonably be estimated as being about 0.10 near the bluff and 0.01 outside the slide mass for the
purpose of illustrating the potential effect that static shear stresses can have on computed CRR
values.

K, values can then be estimated for the critical surface both near the bluff (inside the slide

mass) and outside the slide mass (where movements were less than %2 foot). The K, values
estimated using the previously derived relation (Fig. 2-32) for clay-like soils are about 0.87 near
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the bluff and 0.99 outside the slide mass, which is a difference of about 12%. This difference in
K, contributes to the reason why the potential for ground displacements decreases with distance
from the bluff. In fact, they are consistent with retrogressive sliding wherein failure would
initiate very close to the bluff where a is greatest (likely much larger than the average of 0.10
assumed over the nearest 180 feet of slide mass). As the soil strength drops to its residual value
along the base of the initiating slide mass, there would be an increase of shear stresses on the
soils behind it (i.e., a transfer of shear stress to the still stable regions). The mass of soil
immediately behind the initiating slide mass would then have the greatest static shear stress ratio
and thus be most likely to fail next. In this manner, the slide would progress retrogressively in-
land over the duration of shaking.

The computed CRR for both locations are plotted versus assumed OCR in Fig. 4-7, and the
corresponding factors of safety against cyclic failure are plotted in Fig. 4-8. The CSR were
approximately equal at the two locations, despite the differences in soil and water table depths to
the bases of these blocks. The values of CRR; s were computed as 0.8 times the undrained shear
strength ratio, as recommended in Section 3.3. The CRR in the stable zone outside the slide mass
was greater than the CRR within the slide mass for two reasons. First, the OCR outside the slide
mass was closer to 1.3 compared to the OCR within the slide mass of about 1.2, which produces
a difference in CRR of about 7%. Second, the difference in static shear stress ratio at these
locations, as discussed above, results in K, values that are about 12% smaller for the area in the
slide mass versus the area outside the slide mass. Together, these differences result in computed
factors of safety of about 0.94 for the slide mass and about 1.13 for the zone outside the slide
mass. These results are in good agreement with the observed behavior given the uncertainty in
the estimated ground motions. Particularly noteworthy is the fact that the analysis results can
differentiate between the zones of large versus small deformations.

The consequences of cyclic failure near the bluff, in terms of potential displacements, could
now be estimated using Newmark-type sliding block analysis procedures, as was done by Idriss
(1985) for this case history. In those analyses, Idriss (1985) showed that the ground deformations
were reasonably estimated using a Newmark sliding block approach coupled with the relation
shown in Fig. 4-9 that describes how the clay's undrained strength was assumed to vary with
ground surface displacement. This transition in clay strength from it peak value to its fully
remolded (residual) strength as strains or displacement increase is, however, an issue that
continues to be poorly understood, as previously discussed in Section 3.4.

4.2 Carrefour Shopping Center in Turkey during the 1999 Kocaeli earthquake

The Carrefour Shopping Center case history (Martin et al. 2004) provided a unique set of
insitu ground deformation measurements from settlement extensometers during the 1999
Kocaeli earthquake, in addition to observations on the performance of jet grouted areas. These
in situ measurements showed significant vertical strains in CL and CH strata, from which Martin
et al. concluded that the CL layer had exhibited "liquefaction-type behavior" while "a definitive
explanation for significant earthquake-induced settlements in a high-plasticity clay stratum (CH)
in Lot C has not yet been found." This case history provides an excellent example of how fine-
grained soils can develop significant strains and an opportunity to evaluate the procedures
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developed herein. A brief overview of background information from Martin et al. (2004) is
provided before presenting the analysis results.

Site conditions and Settlement Extensometer Records

The settlement extensometer (SE) measurements were obtained from Lot C in the Carrefour
Shopping Center, as located in Fig. 4-10. The shopping center is located along Izmit Bay in
relatively flat area that had been reclaimed by placing sandy fills over the soft alluvial sediments.
A typical soil profile at the shopping center, prior to any ground improvements, is shown in
Fig. 4-11. A surcharge of 3.3 m of additional fill was placed, along with wick drains to a depth of
20 m, across Lot C to preload the soft sediments. Settlement extensometer SE-2 was located
about 10 to 15 m from the edge of the preload as shown in Fig. 4-10, and its rings were located at
the depths shown in Fig. 4-12. The SE-2 measurements in Fig. 4-13 indicate that approximately
70-90% of the ultimate consolidation settlements had already occurred prior to the earthquake.

The soil profile and SE-2 measurement intervals at Lot C are shown in Fig. 4-12, with the
soil conditions being similar to the profile shown in Fig. 4-11. The surface layer consisted of
approximately 2 m of medium dense fill (GC), which likely was unsaturated since the water table
was at a depth of about 2 m. The next 5 m of soil consists of saturated, soft to firm, low-plasticity
fine-grained soil (ML/CL) having average PI and LL values of 10 and 33, respectively. The
average natural water content was 32%, which implies an average liquidity index of LI=0.9.
This layer is underlain by about 1.2 m of loose-to-medium, silty sand and sand (SP/SM) having
an average of 30% fines and a typical equivalent clean sand SPT corrected blow count [(N})so-cs]
value of about 12. The sand layer is underlain by about 0.9 m of ML/CL soils, followed by
medium to stiff, high plasticity clay (CH) that extends to depths greater than 35 m, and has
average PI and LL values of 37 and 66, respectively. Its average natural water content was 55%,
which implies an average LI of 0.7. This lower CH layer becomes much stiffer below depths of
about 25 m.

The Kocaeli earthquake (M,=7.4) was estimated to have produced a peak ground
acceleration of about 0.24 g at the Carrefour Shopping Center, based on the strong ground
motion recordings in the area and the results of one-dimensional site response analyses (Martin
et al. 2004). SE measurements before and after the earthquake showed that the earthquake had
caused significant vertical strains within the upper 20 m of the soil profile, as illustrated in
Fig. 4-13 and corresponding to the intervals A-D in Fig. 4-12. The total earthquake-induced
settlement was almost 12 cm.

The sources of the relative settlements caused by the earthquake over each of the five SE-2
measurement intervals (A-E) can be examined using the information in Figs. 4-12 and 4-13. The
2.5 cm of compression over interval A was attributed to the soft ML/CL soils because the
unsaturated medium dense GC fill was unlikely to have strained significantly. The 4.6 cm of
compression over interval B may have come from both the ML/CL and SP/SM layers, while the
3.6 cm and 1.1 cm of compression over intervals C and D, respectively, could only be associated
with straining in the CH layer.



The vertical strains induced in the fine-grained soil layers by the earthquake are largely
attributed to undrained shear deformations beneath the surcharge, as illustrated by the schematic
cross-section in Fig. 4-14, with some possible contribution from the dissipation of excess pore
water pressures prior to the first post-earthquake reading of the slope extensometer. The
settlement records in Fig. 4-13 do not show any significant change in the rate of settlement from
just before the earthquake to just after the earthquake (i.e., excluding the jumps that occurred
between the last pre-earthquake and first post-earthquake readings). This suggests that the excess
pore water pressures shortly after the earthquake are not significantly higher than they were
before the earthquake. In that case, it is unlikely that the dissipation of excess pore pressures
contributed significantly to the observed jumps in settlement on the day of the earthquake. Thus,
it is reasoned that the earthquake likely induced only moderate excess pore pressures and that the
jump in settlements on August 17™ were largely due to undrained shear deformations (e.g., as
illustrated in Fig. 4-14).

An estimate of the earthquake-induced shear strains in the clays can be obtained by
considering the mechanism for undrained shear deformation beneath the surcharge as illustrated
by the schematic cross-section in Fig. 4-14. The vertical strains in the fine-grained soils within
intervals A, B, C, and D due to the earthquake, are approximately 0.8%, 1.0%, 1.0%, and 0.2%,
respectively. Shearing at SE-2 was likely close to plane strain conditions because SE-2 appears
to have been located about 10 to 15 m inward from the middle of one edge of the surcharge
(which was roughly 100 m in length; Fig. 4-10). For undrained plane-strain conditions, the
vertical compression strains must have been accompanied by equal horizontal extension strains.
If the vertical and horizontal strains are principal strains (which assumes that Yy is zero), then the
maximum shear strains in these soils would have been twice the vertical strains, or about 2% as
shown by the inner Mohr diagram for strains in Fig. 4-15. If there was additional horizontal shear
strain (Yxy > 0), then the maximum shear strains in these soils would have been greater than 2%
(e.g., suppose Yxy = 2% with g,=-&,=1%, then ymax = 2.8% as shown in Fig. 4-15). Overall, the SE
measurements indicate that intervals A to C experienced shear strains that are consistent with the
soils being close to cyclic failure.

Preconsolidation stress profile at time of shaking

The estimation of cyclic strength for the clay requires knowledge of the preconsolidation
stress profile, which can be obtained by inverse analyses of the consolidation settlement records.
For example, the relative vertical compressions over intervals A, B, and C, neglecting the
increment associated with the earthquake, correspond to vertical strains of approximately 7.8%,
4.2%, and 1.9%, respectively. For a reasonable range of estimated virgin compression index (C)
and recompression index (C;) values, the above strains can only be explained by the soil having
eventually become normally consolidated (NC) under the imposed surcharge. The relative
compressions over intervals D and E, however, correspond to vertical strains of only 0.6% and
0.4%, respectively, which can only be explained by the soils having been initially
overconsolidated and either having just become NC under the imposed surcharge or even staying
OC under the imposed surcharge. For example, the observed consolidation settlements over
intervals D and E can be reasonably approximated by assuming C.~=Pl/74 and C,=P1/370
(Kulhawy and Mayne 1990) and using an initial OCR of 1.3 at all depths in the interval. These
calculations, as presented in Table 4-2, suggest that final OCR, after the clay was fully
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consolidated under the surcharge, would range from 1.0 at the top of interval D to 1.1 at the
bottom of interval E. Different C, and C; estimates along with different assumptions regarding
the initial preconsolidation stress profile can produce the same predicted settlements, but all
reasonable parameter selections lead to the conclusion that the soils are NC at the shallower
depths and are either nearly NC or lightly OC at the larger depths at the time of the earthquake.
Consequently, the interpretation of the site's preconsolidation stress history that was used in
Table 4-2 was adopted for the purpose of estimating cyclic resistances for the clay-like soils.

Analysis of liquefaction and cyclic failure potential

The potential for liquefaction or cyclic failure during the Kocaeli earthquake can be
evaluated using the procedures recommended in this report. The analysis steps and results are
summarized in Table 4-3. The sand layers are treated as sand-like while the ML/CL and CH
layers are treated as clay-like since the PI values in these layers exceed 7. The vertical effective
stress and OCR values in the clay-like soils at the time of the earthquake were computed based
on an estimated average degree of consolidation of 80% using the settlement measurements in
Fig. 4-13. The induced CSR is computed using the r4 relation by Idriss (1999).

For the clay-like soils, the OCR and CRR values at the time of the earthquake were estimated
using the normalized cyclic strength relations derived in Section 3.3 and presented in Fig. 3-11.
The presence of the surcharge imposes static shear stresses on the underlying soils, and these
static shear stresses must be estimated to determine the value of K,. The average static shear
stress at various depths was estimated as a fraction of the soil's undrained shear strength, with
this ratio being directly related to the factor of safety (F) obtained from a limit equilibrium
analysis as:

(4-1)

Since the soil profile is dominated by clay-like soils, the factor of safety against a bearing failure
to any given depth was estimated using a limit-equilibrium-based chart solution (Taylor 1948)
as:

F_ 5.5 (su )average (4-2)
Heiy fin

where (Sy)average 1S the average s, between the ground surface and the depth of interest, with
(Su)average being no less than the average strength to a depth of 10 m. This latter limit on (Sy)average
was imposed because SE-2 was located 10 to 15 m from the edge of the surcharge, and thus the
smallest potential failure circle that could influence SE-2 was estimated as having to extend to a
depth of at least 10 m. The value of F is therefore constant in the upper 10 m, and then increases
at larger depths because the (Sy)average increases with depth. The value of t¢/s, at each depth was
estimated as the inverse of F for that depth, and the K, value was then determined using the
expression derived in Section 2. The K, values range from 0.86 at the top of the ML/CL layer, to
0.91 at a depth of 25 m. The presence of static shear stresses is also important as they drive the
accumulation of shear strain in a biased direction during earthquake shaking, which is the
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mechanism by which vertical settlements could develop during undrained loading of these clays
(Fig. 4-14). The MSF is near unity because the magnitude is close to 7.5. The calculated factors
of safety against cyclic failure in the upper ML/CL layer and the lower CH layer are less than
1.0, indicating that significant strains would be expected to occur, as were in fact observed.

For the sands (SP/SM), the potential for liquefaction was calculated using the procedures and
relations recommended in Idriss and Boulanger (2004). These soils would be expected to liquefy
during the earthquake, which is consistent with the various observations that were made across
the entire Carrefour Shopping Center site (Martin et al. 2004).

Discussion of analysis results

The computed CSR and CRR values are plotted versus depth in Fig. 4-16, illustrating that
both the clay-like soils and the sands had factors of safety less than unity against significant
straining during this earthquake. Since the proposed CRR relations for clay-like soils used to
analyze this case history are based on a failure criterion of about 3% shear strain, the computed
factors of safety (FS = 0.74 to 0.90) would suggest that shear strains somewhat greater than 3%
might have been expected. The shear strains inferred from the SE measurements are on the order
of 2 to 3%, which suggests that the actual factors of safety were not quite as small as shown in
Fig. 4-16. Thus, the computed factors of safety appear to be slightly conservative, which is quite
reasonable given the various uncertainties in some of the analysis parameters.

The analysis results might be improved, for example, by using a detailed site response
analysis to calculate the earthquake-induced CSR or using advanced laboratory testing to obtain
site-specific CRR values. The potential effects of the latter point are illustrated by considering
the range of the CRRy-75 values in the data set that was used to derive the empirical CRR
relation. Referring to Fig. 3-12(b), the (tcye/Ovc)n=30 values for one-directional DSS loading of
normally-consolidated clay-like soils range from 0.171 to 0.228, from which a reasonably
conservative CRRy=75 value of 0.18 was adopted for the empirical relation in Section 3. If the
actual CRRy—75 value for normally consolidated conditions was 0.22 (i.e., the highest of the
three DSS values in Table 3-3 for natural soils multiplied by the correction factor for two-
dimensional shaking), then the computed factors of safety would instead range from 0.90 to 1.10,
as plotted in Fig. 4-17. Thus, as illustrated by this simple example, the factors of safety computed
using the proposed empirical relation for CRR are in quite reasonable agreement with the shear
strains inferred from the SE measurements at this site given the various uncertainties in the
analysis parameters.

An additional point worth noting is that the observed strains in the fine-grained soils were not
large enough to cause their strengths to drop to fully remolded values, otherwise there could have
been much larger deformations. The estimated LI values of 0.9 and 0.7 for the ML/CL and CH
soils, respectively, along with the correlation to sensitivity in Fig. 2-20, suggest that these soils
may classify as very sensitive (S; of 4 to 8), but not as quick. Future compilations of this type of
information are considered necessary for establishing guidelines on how clay-like soil strengths
drop toward remolded values with increasing strain or displacement.
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The observed behaviors of the ML/CL and CH soil layers can also be qualitatively evaluated
relative to the liquefaction susceptibility criteria by Seed et al. (2003) in Fig. 1-4 or Bray et al.
(2004a). According to either of these criteria, the ML/CL layer would be categorized as
"liquefiable" because its PI (about 10) is less than 12 and its w/LL ratio is greater than 0.85,
while the underlying CH layer would be categorized as not susceptible to liquefaction because its
PI (about 37) is greater than 20. However, both the ML/CL and CH soil layers developed similar
strains despite having very different categorizations by these criteria. In contrast, the results
presented herein show that analyzing both soil layers as clay-like produces similar calculated
factors of safety, and hence similar expectations for strains, in both soil layers.

The SE measurements at Lot C proved invaluable in understanding the source of the surface
deformations in this case history, and provided a useful check on the proposed analysis
procedures. A more detailed investigation of this site, including tasks such as in situ vane shear
testing and cyclic laboratory testing of high-quality tube samples, would be highly desirable.

4.3 Site A at Wufeng in Taiwan during the 1999 Chi-Chi earthquake

The area referred to as Site A in Wufeng, Taiwan (Chu et al. 2003, Stewart et al. 2004, Chu
et al. 2004) provides an excellent opportunity to evaluate the proposed procedure's abilities to
differentiate between observations of ground failure and no ground failure around buildings
founded over a deposit containing thick layers of fine-grained soils. A brief overview of
background observations is provided, before presenting the analysis results, based on
information from Chu et al. (2003, 2004), Stewart et al. (2004), and Chu and Stewart (personal
communications, 2004).

Site A in Wufeng included areas where ground failure and building settlements were
observed and areas where no distress was observed, as shown in Fig. 4-18. An expanded map of
Site A with the locations of explorations is shown in Fig. 4-19. The photographs in Fig. 4-20
pertain to four specific locations within site A (as marked in Fig. 4-19) where site explorations
included a boring and an adjacent CPT sounding were performed.

e Boring WAS-3 and CPT sounding WAC-8 were at the location of a 6-story building that
experienced foundation failure and significant settlement, along with structural damage,
as shown in photos (a), (b) & (c). Note that the ground surface away from the buildings
showed relatively little evidence of ground failure.

e Boring WAS-4 and CPT sounding WAC-9 were at the location of a 5-story building that
experienced foundation failure and significant settlements, along with structural damage,
as also shown in photos (a), (b) & (c). Again, the ground surface away from the buildings
in this area showed relatively little evidence of ground failure.

e Boring WAS-2 and CPT sounding WAC-6 were located near 3-story buildings, with the
buildings to the south of WAS-2 having to be demolished while the building to the north
of WAS-2 still exists. Field observations included some ground failure (cracking,
differential settlements) in the area around the standing building [photos (d) and (e)],
while settlement of the building itself was not particularly notable.
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e Boring WAS-1 and CPT sounding WAC-2 were in an area of 1-story buildings that
showed no evidence of building settlements or ground failure away from the buildings, as
illustrated by photo ().

The overall pattern of observations, as illustrated by these four specific building locations, was
that the taller buildings (5- and 6-story) tended to experience significant settlements or
foundation failures, while there tended to be little or no ground failure in the free field or beneath
1-story buildings.

A strong ground motion instrument (TCU065) was located about 1 km north of Site A, as
shown in Fig. 4-18, during the 1999 Chi-Chi earthquake. The two horizontal accelerograms
recorded at this station are shown in Fig. 4-21. The peak ground surface acceleration of the E-W
component was 0.814g and that of the N-S component was 0.603g. The geometric mean for
these two components is 0.70g, which is the value used in the subsequent analyses of potential
ground failure at Site A. No ground failure was observed near the accelerometer location.

Site explorations included CPT soundings, borings with SPT tests, vane shear tests, and shear
wave velocity measurements; the results are available at the website for Stewart et al. (2004).
The soil profiles at site A generally consisted of 1 to 2 m of fill overlying 4 to 7 m of firm to
stiff, fine-grained CL, ML, and CL-ML soils. The fine-grained soils are underlain by primarily
medium-dense and dense silty sands with inter-layers of stiff to very stiff silts and clays,
extending to depths of 15 m or more (approximate limit of exploration at most locations). The
water table depth ranged from 0.5 to 1.1 m. Soil profiles for the four building locations are
presented in Figs. 4-22 to 4-25.

The firm to stiff silt and clay stratum

The characteristics of the 4- to 7-m thick layer of firm to stiff clay-like soils (CL, ML, and
CL-ML) that is present at the four exploration locations are of primary importance to the
analyses of these sites. In evaluating these characteristics, the information from the four
exploration locations can be considered together because it is a common geologic stratum that
does not appear to vary substantially across these locations based on comparisons of the CPT and
borehole data. The PI values obtained from 20 samples in this stratum are plotted in Fig. 4-26;
three samples (15%) had PI < 3, six samples (30%) had PI =5 or 6, and eleven samples (55%)
had PI > 7. These values would suggest that slightly less than half of the samples would classify
as sand-like (PI < 7) according to the criteria recommended in Section 2.5, while slightly greater
than half would classify as clay-like. However, 5 of the 6 samples that had PI values of 5 or 6
classified as CL-ML soils (Fig. 4-26), for which a slightly lower criterion was acknowledged in
Section 2.5 as being equally consistent with the empirical data. If these 5 samples that classified
as CL-ML are considered as clay-like, then only 20% of the 20 samples would classify as sand-
like while 80% would classify as clay-like. In addition, occasional thin lenses of sands appear to
be present within this stratum based on the CPT soundings.

The s, values measured by vane shear tests in the firm to stiff clay-like soil stratum ranged
from 35 to 64 kPa (average of 48 kPa), and had a general trend of increasing with depth.
Sensitivities obtained from the vane shear tests ranged from 1.2 to 3.1, with an average of about
2, making this a slightly sensitive to medium sensitivity soil. As discussed in the following

4-9



section, the CPT tip resistances provided comparable estimates of s, values throughout the
majority of the stratum (excluding what appear to be sand lenses).

The sand-like portions of this stratum would be expected to liquefy based on established
liquefaction analyses because these soils have low penetration resistances and the levels of
shaking are very high. The consequences of these sand-like portions having liquefied depend on
their relative extent and spatial distribution within the stratum. Consider the following two
possibilities.

e If almost half of the stratum is considered sand-like (based on the PI < 7 criterion), then
liquefaction of the sand-like soils would be expected to result in ground failure
throughout the area. In this situation, the challenge would be explaining the general trend
of greater damage beneath buildings while the free-field areas showed no or relatively
little ground failure.

e If only 20% of the stratum is considered sand-like (i.e., assuming the CL-ML soils with
PI values of 5 or 6 behave as clay-like), then liquefaction of these portions may have
contributed to the observed ground failure patterns and to any observed soil boils, but it is
most likely that the overall pattern of damage was controlled by the clay-like sediments
within this strata.

A detailed laboratory testing program would be very useful for evaluating the stress-strain
behavior of these low-plasticity fine-grained soils and thereby potentially justifying the
classification of the CL-ML soils at this site as clay-like in behavior (an important option
discussed in Sections 2 and 3). Furthermore, the criterion of PI < 7 was adopted as a reasonably
conservative indicator of the range of PI values over which fine-grained soil transitions from
sand-like to clay-like behavior, whereas it may be more appropriate to use a best-estimate
criterion in the analysis of a case history. In any event, it appears necessary to at least consider
the potential that either of the above two possibilities is more appropriate. The outcome of the
first possibility (i.e., half the stratum is sand-like) is easily foreseen to be the prediction of
widespread liquefaction, which is not supported by the observations and hence is not pursued
herein. The second possibility (i.e., 80% of the stratum is clay-like) provides an opportunity to
evaluate the analysis procedures recommended herein. Consequently, the following analyses will
focus on the potential for cyclic failure of the clay-like soil portions of the stratum and on
whether the computed factors of safety are consistent with the observed damage patterns
throughout site A.

The photographs in Fig. 4-27 show the surface fill and the top of the underlying clay-like
stratum, as exposed by the test pits that were excavated for performing additional VST tests near
borings WAS-4.

Estimating undrained shear strength profiles for the clay-like soil layer

Undrained shear strength (s,) profiles were developed using the VST and CPT results, as
summarized in Figs. 4-22 to 4-25 for each of the four building locations. The s, profiles at the
locations of borings WAS-3 and WAS-4 were determined first because that is where the vane
shear tests were performed. The vane shear strengths were multiplied by a vane shear correction
factor of 1.1 based on the typical PI values of 5 to 10 and the correction factor relation shown in
Fig. 3-10. The choice of cone bearing factor (Nx) for computing s, from CPT data was then
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chosen to provide a reasonable fit with the vane shear test results. As shown in Figs. 4-22 and
4-23, an Ni value of 15 provides reasonably good agreement between the VST and CPT
estimates of s,. The dashed lines in this figure represent the s, values chosen for subsequent
analyses of cyclic failure potential. In choosing representative s, values, it should be recognized
that the individual spikes in e (=qc/Pa, with P, = atmospheric pressure) within this clay-like soil
layer are likely due to thin lenses of sandy silt or silty sand, and thus may not represent locally
larger s, values.

The s, profiles at the other two building locations (Figs. 4-24 and 4-25) were subsequently
developed based on the nearby CPT soundings using the Ny=15 value that had been calibrated by
VST results in the same geologic strata. Again, dashed lines identify the representative s, values
chosen for subsequent analyses of cyclic failure potential.

The VST data were measured at locations where the buildings had been demolished, which
means that the effective overburden stress at the time of VST testing was smaller than existed
beneath the buildings at the time of the earthquake. This is unlikely to have significantly
affected the measured undrained shear strengths because they are most strongly dependent on the
soil's preconsolidation stress and would only be slightly affected by changes in the current
overburden stress because these soils are overconsolidated. Given the uncertainties associated
with spatial variability and other factors, the measured VST strengths were assumed to be
representative of the undrained strengths both beneath the buildings and in the surrounding free
field at the time of the earthquake.

Foundation types and loads

The foundation types and loads for the buildings at each location were estimated based on
information provided by Chu (personal communication, 2004), which was based on visual
inspections and discussions with some local structural engineers and contractors. The estimated
loads and dimensions are somewhat uncertain given that they are not based on actual building
plans, but reasonable variations in the estimated values do not change the major conclusions
drawn from subsequent analyses.

The 5- and 6-story buildings by WAS-4 and WAS-3, respectively, had shallow mat
foundations over the rear 2/3 of the building footprint and spread footings (assumed square)
beneath the columns at the front of the building; photo 4-20(c) shows the individual columns at
the front of a building. It is reportedly common to have an underground water storage tank built
into the mat foundation for these types of buildings, but this aspect was not included in the
analyses given the lack of specific information for these buildings. The average net building
loads were estimated at 10 kPa per floor over the entire building footprint, which corresponds to
net contact pressures of 50 kPa and 60 kPa on the mat portions of the 5- and 6-story buildings,
respectively. The front columns were assumed to be supported on 2-m-square footings with net
contact pressures of 150 kPa for both buildings.

The 3-story building by WAS-2 was assumed to be supported on shallow strip footings with
widths of 1.5 m and net contact pressures of 120 kPa. When averaged over the entire building
footprint, this was assumed to correspond to an average net contact pressure of 30 kPa.



The 1-story building by WAS-1 was assumed to be supported on shallow strip footings with
widths of 0.6 m and net contact pressures of 60 kPa. When averaged over the entire building
footprint, this was assumed to correspond to an average net contact pressure of 6 kPa.

The embedment depth for the shallow foundations (both mats and spread footings) beneath
all four buildings was taken as 1.0 m for simplicity. A backhoe pit adjacent to the building by
WAS-3 showed the mat foundation to be embedded 1.2 m, while embedment depths for other
buildings might have varied depending on the depth of the water table (which ranged from
depths of 0.5 to 1.1 m). The key observation is that the foundations appear to have been founded
near the bottom of the surface fill or directly on the underlying clay-like soils.

Estimating the effects of foundation loads on the seismic shear stresses

The horizontal cyclic shear stresses induced on the soil by the earthquake will be affected by
the presence of the overlying buildings. One approach to incorporate this effect would be to
compute the vertical stresses beneath the building and then use those values in computing the
induced CSR by the Seed-Idriss simplified procedure. Such an approach, however, would likely
over-estimate the building's contribution to the horizontal cyclic stresses because it implicitly
assumes that the building's peak inertial load would occur at the same time as the peak ground
surface acceleration. Some level of yielding in the building would reduce its contribution to
cyclic stresses in the soil, and thus the following simplified approximation was adopted for the
analyses presented herein,

Teye | 0.65-a,,,r, (O'V )soil + k- A0, puiding (4-3)
O-\I/C - O-t'/c

where (oy)soil 18 the total vertical stress without the influence of the building, Ao, is the increase
in total vertical stress due to the building, 'y is the vertical effective consolidation stress which
includes the influence of the building, and k is a coefficient that depends on the building's lateral
strength and dynamic response relative to the soil column.

The estimation of k for the buildings at Site A is subjective given the limited information
available, and the desire to maintain simplicity in the analysis procedures. A value of k = 0.2 was
adopted based on consideration of reasonable lateral strengths and the fact that a yielding
building would produce several cycles of stress at that yield value (i.e., the ratio of representative
cyclic stress to peak cyclic stress would be closer to 1.0 for the building than to the 0.65 used for
cyclic stresses from soil inertia). Comparing k = 0.2 to the value of 0.65a,,,x = 0.455 shows that
this approach reduces the cyclic stresses from the building to less than 2 the value that would
have been computed if the building had just been treated as increasing o, in the Seed-Idriss
simplified procedure.

The Ao, imposed on the soil by the buildings was estimated using 2:1 load spreading. For

rectangular areas of width B and length L carrying a net contact pressure qner, the Acy at a depth
z below the footing is estimated as,
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(B:-1)

(42,)= G (B+z)L+z) (4-4)
For strip footings with L/B being large, this reduces to,
(40,) = Gy 2L (@-5)

(B+z)

For spread footings, the Ao, will be dominated by the footing contact stress near the ground
surface, and then later at depth will begin to include overlapping stresses from adjacent footings.
The effect of overlapping stresses at larger depths can be approximated by treating the building
as a uniformly loaded area over its full footprint (with the corresponding average net contact
pressure). The Ac, at any given depth beneath a building on spread footings would then be
estimated as the larger of the above two cases.

Estimating the static shear stresses beneath building foundations for computing K,

The value of K, was computed using the expression between K, and t/s, that was presented
in section 2.5. The ratio t/s, can be estimated based on the factor of safety (F=s,/t) against
bearing failure to a given depth. The static factor of safety against bearing failure for shallow
foundations can be estimated using the general bearing capacity equation as,

1
_ N.s,F. +(N,-1)yDF, +E;'N},BF7s 4-6)
9 et et

F _ qult,net

static —

Since the foundations are embedded into (or very close to) the underlying clay-like stratum, the
static bearing capacity is governed by the undrained strength of the clay-like soils. For this
condition (¢,=0), the factor of safety reduces to,

Fstatic = 5 1SUFCS (4_7)
G et

where the shape factor Fy is 1.0 for strip footings and 1.2 for square footings, and s, is the
average undrained shear strength along the potential bearing failure surface. If the footing width
is B, then the bearing failure surface would be expected to extend to a depth of slightly less than
B below the footing base. Therefore, the value of F computed using the above expression was
taken as applicable for all depths less than or equal to B below the footing base. The footings
will still exert significant shear stresses on soils at greater depths, but the factor of safety against
such deeper-seated failure surfaces is greater and thus do not govern footing design. For potential
failure surfaces that extend to a depth z (below the footing base) that is greater than the footing
width B, the factor of safety computed by the above expressions was multiplied by the ratio z/B.
This correction approximates the fact that the average shear stresses induced by a footing will
decrease with increasing depth.
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The seismic response of the building will impose cyclic vertical loads, horizontal loads, and
overturning moments on the building foundations. These loads can only be crudely estimated
without a detailed analysis of the building which would also require more information about the
building configuration. Despite this uncertainty, it is necessary to include at least a rough
estimate or allowance for the effects of these cyclic loads. This was subsequently accomplished
by reducing the static factor of safety against bearing failure, Fyiic, by a factor of 1.3.

Fs atic
Fseismic = # (4_8)

The value of F for seismic loading was then used in the computation of K, which assumes that
the additional shear stresses from the cyclic vertical, horizontal, and overturning loads on
footings can be reasonably accounted for through the K, factor. This approximation is
considered a reasonable approach because it maintains simplicity in the analysis approach while
providing a first-order estimate of the expected effects of cyclic footing loads.

Analyses of the potential for cyclic failure in the clay-like soils at the four building locations

The analysis results for the cyclic failure potential of the clay-like soils at each of the four
building locations during the 1999 earthquake are presented in Fig. 4-28 and tabulated in
Table 4-4. The calculations are only presented for the clay-like soils because the underlying
dense silty sands are not expected to have been the primary cause of the observed patterns of
ground failure, even if they developed high excess pore pressures, because they are dense enough
to develop only limited strains. The induced CSR was computed for a peak ground surface
acceleration of 0.70 g and using the rq relation by Idriss (1999). The CRR7 s was estimated as
0.8s,/ov.', as recommended in Section 3.3. The CRR and factor of safety against cyclic failure
are computed for both the free-field conditions and beneath the building. For the 5-story and 6-
story buildings, this includes analyses for the spread footings under the front columns and for the
mat foundations over the rear portions of the buildings. The tabulated results are presented
mainly at depth increments of 1 m.

For the 6-story building near boring WAS-3, the analysis results in Fig. 4-28(a) show that the
factor of safety against cyclic failure beneath the column spread footings was less than 1.0
throughout most of the clay-like stratum (from depths of 1.0 to 8.2 m), which is consistent with
the observed bearing failures [e.g., photo in Fig. 4-20(c)]. The factors of safety beneath the mat
portion were slightly greater but still predict cyclic failure throughout much of the clay-like
stratum, which is again consistent with the observed foundation settlements. For the free-field,
the factors of safety are substantially larger and cyclic failure is only predicted within thin
intervals at depths of 3.5, 6, and 8 m. Cyclic failure in thin zones in the free field would not be
expected to result in significant ground distress because the site is relatively flat and the soils are
only slightly sensitive. Thus, the free-field analysis results are consistent with the field
observations of relatively little ground distress away from the influence of the building.

For the 5-story building near boring WAS-4, the analysis results in Fig. 4-28(b) show

similarly good agreement with the field observations. Cyclic failure is predicted beneath the
spread footings, with the lowest factors of safety occurring directly beneath the footings in the
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depth range of 1.0 to 3.0 m. For the free-field, the factors of safety against cyclic failure are well
above 1.0 except for a thin interval at a depth of 5.5 m. Intermediate factors of safety are
computed beneath the mat foundation portion of the building, with cyclic failure predicted in
sufficiently thick intervals to explain the observed foundation settlements. Thus, the analysis
results are again consistent with the field observations of significant foundation settlements and
relatively minor ground distress away from the influence of the building.

For the 3-story building near boring WAS-2, the analysis results in Fig. 4-28(c) show factors
of safety that are close to unity at almost all depths in the clay-like stratum beneath the spread
footings, and factors of safety that are generally greater than unity at all depths in the free-field
(except for thin zones at 5.5 and 8 m depths). The field observations for this building were more
ambiguous, with minor ground distress having been reported in the free-field but no significant
foundation settlements were reported.

For the 1-story buildings near boring WAS-1, the analysis results in Fig. 4-28(d) show that
cyclic failure would not be expected at any depth in either the free-field or beneath the buildings.
These results are in good agreement with the observed absence of ground distress or building
settlements in this area [e.g., photo in Fig. 4-20(f)].

Spatial heterogeneity in the undrained shear strengths of the clay-like soil layer in the depth
range of about 1 to 8 m, are an important consideration when evaluating the results of the above
analyses. For example, the undrained shear strengths between depths of 2 and 3 m (an important
depth interval for support of the shallow foundations) were about 40, 60, 32, and 38 kPa near
borings WAS-1, 2, 3, and 4, respectively, which represents a factor of about 2 between the
strongest and weakest values. The undrained shear strengths at other depths within this clay-like
soil layer varied, from strongest to weakest, by factors of about 1.3 to 1.9. In this regard, it is
important to recognize that the soil explorations (borings, CPT soundings, and vane shear tests)
were not necessarily fully representative of the conditions across the footprint of the buildings
being analyzed. Thus, the actual undrained shear strengths at each of the four building locations
could reasonably vary from the values estimated herein, with only small variations being
necessary to increase or decrease computed factors of safety above or below unity. Recognizing
this inherent limitation, it is concluded that the computed potential for cyclic failure of the clay-
like soils at these four buildings are entirely consistent with the general pattern of field
observations showing significant settlements for the tallest buildings and the absence of
deformations in the free-field or beneath 1-story buildings.

The role of the buildings on the computed potential for cyclic failure in the clay-like soil
layer has several important components that are illustrated by the tabulated calculation steps in
Table 4-4.

e The static load from a building produces static shear stresses that reduce the underlying clay-
like soil's CRR, as represented through the K, value.

e The horizontal inertia of a building increases the cyclic horizontal shear stresses (or CSR) in
the underlying soil.

e The horizontal inertia of a building also produces cyclic loads on its foundation elements

(vertical, horizontal, and overturning loads) that further increase the potential for cyclic
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failure in the underlying soils. This effect was approximated by computing K, using a factor
of safety against bearing failure that was reduced for seismic loading conditions.

e FEach of these effects decreases with depth below the building because the stresses from the
building become smaller (relative to those from the soil alone) with increasing depth.

Another important factor that is not explicitly represented in Table 4-4 is the fact that cyclic
failure of soils beneath a building will be accompanied by the accumulation of biased strains and
deformations under the building's static weight. Without a building or with a very light building,
cyclic failure of clay-like soils over limited depths in a level-ground area may not necessarily be
accompanied by the accumulation of permanent displacements and therefore the ground surface
may not exhibit any signs of deformation or damage.

The observed consequences of cyclic failure in the clay-like soils also appear to be consistent
with the available data on their sensitivity. The VST measurements produced S; values of 1.2 to
3, which suggest that their fully remolded strengths would still be on the order of 2 their pre-
earthquake values. This range of values would appear consistent with the observations of
buildings in this level-ground area having settled various amounts, but not having developed
dramatic bearing failures (such as might be expected if the soils had been highly sensitive or
quick).

The analysis results for Site A show that the recommended procedures are able to distinguish
between conditions leading to ground failure or building settlements and conditions where
ground failure did not occur. The analyses could be better refined with more information about
the building loads and configurations, and the development of improved methods for
representing the effects of buildings on the cyclic failure potential of underlying soils. While
such improvements are needed, the main conclusions presented herein are unlikely to be
affected. In contrast, if the clay-like soils between depths of 1 and 8 m had been classified as
"liquefiable" based on their index test characteristics [e.g., 64% of the samples classify as
liquefiable (Zone A) by Seed et al.'s (2003) criteria in Fig. 1-4], then a liquefaction analysis
based on SPT or CPT penetration resistances would have predicted widespread ground failure
beneath the buildings and in the free-field, and thus could not have distinguished between the
areas of good and poor performance.
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FIG. 4-1: Photograph at the head of the 4™ Avenue slide in Anchorage, Alaska, 1964
(Hansen 1971).
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FIG. 4-5: Overconsolidation ratios in Bootlegger Cove clay below the interbedded zone (open
circles are for samples from borings near the bluff, and filled circles are for borings away from
the bluff) (from Idriss 1985)
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FIG. 4-7: Cyclic resistance ratio and induced cyclic stress ratio versus overconsolidation ratio
for the Bootlegger Cove clay at Fourth Street.
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Bootlegger Cove clay at Fourth Street.
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FIG. 4-11: Typical pre-improvement profile at the Carrefour site (Martin et al. 2004)
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FIG. 4-14: Schematic illustration of the expected pattern of vertical and lateral strains beneath
the surcharge fill at Lot C of the Carrefour Shopping Center.
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FIG. 4-15: Mohr diagram illustrating examples of how vertical strains beneath the surcharge fill
may be related to shear strains in the clay-like soils.
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(a) 5- and 6-story buildings with foundaion failures ear the locations of borings WAS-3 and
WAS-4 (photo by R. B. Seed)

(b) 5- and 6-story buildings with foundation failures near the locations of borings WAS-3 and
WAS-4 (photo by R. B. Seed)

(c) Close-up view of foundation faiurs bzneatﬁ a bui ding [seen on left side of photo (a)]
near the locations of borings WAS-3 and WAS-4 (photo by R. B. Seed)
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(d) 3-story building near the location of boring WAS-2 (photo by R. B. Seed)
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- Py B

(e) 3-story building eah location of boring WAS-2 (photo by R. B. Seed)

(f) 1-story buidigs without evident ;oun failure orbulding settlement near
the location of boring WAS-1

FIG. 4-20: Photographs of buildings at locations within Site A at Wufeng
(http://peer.berkeley.edu/lifelines/research projects/3A02/).
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FIG. 4-22: Boring WAS-3, CPT WAC-8, and VST-1 and 2 data at the location of a 6-story
building that experienced significant foundation settlements at Site A in Wufeng
(source: http://peer.berkeley.edu/lifelines/research_projects/3A02/)
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FIG. 4-23: Boring WAS-4, CPT WAC-9, and VST-3 and 4 data at the location of a 5-story
building that experienced significant foundation settlements at Site A in Wufeng
(source: http://peer.berkeley.edu/lifelines/research_projects/3A02/)
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FIG. 4-24: Boring WAS-2 and CPT WAC-6 data at the location of 3-story buildings that
showed some ground distress around its perimeter but no notable building settlements
(source: http://peer.berkeley.edu/lifelines/research_projects/3A02/)
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FIG. 4-25: Boring WAS-1 and CPT WAC-2 data at the location of 1-story buildings with no
signs of settlement or ground failure at Site A in Wufeng
(source: http://peer.berkeley.edu/lifelines/research_projects/3A02/)
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FIG. 4-27: Photographs of test pits for vane shear tests VST-3 and 4 that show the
characteristics of the surface fill and underlying fine-grained soils.
(source: http://peer.berkeley.edu/lifelines/research _projects/3A02/)
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5. SUMMARY AND RECOMMENDATIONS
Liquefaction susceptibility criteria for fine-grained soils

The first step in evaluating the potential for ground failure in silts and clays during
earthquakes is to determine the appropriate framework and engineering procedures to be
used in the evaluation. For practical purposes, it was shown that silts and clays could be
separated into two categories. "Sand-like" fine-grained soils are those that exhibit
monotonic and cyclic undrained shear loading behavior that is fundamentally most
similar to that of sands, and are best evaluated using engineering procedures that adapted
from those for sands. "Clay-like" fine-grained soils are those that exhibit monotonic and
cyclic undrained shear loading behavior that is fundamentally most similar to that of
clays, and are best evaluated using engineering procedures that are adapted from those
used for clays. For clarity, it is recommended that the term "liquefaction" be reserved for
sands and sand-like fine-grained soils, and the term "cyclic failure" be reserved for clays
and clay-like fine-grained soils.

Fine-grained soils transition from sand-like to clay-like behavior at plasticity indices
(PI) between about 3 and 8, with the transition point appearing to be slightly lower for
ML-CL soils than for ML soils. For practical purposes, it is recommended that fine-
grained soils be categorized as sand-like (i.e., susceptible to liquefaction) if they have a
PI < 7 and clay-like (i.e., susceptible to cyclic failure, not liquefaction) if they have a
PI>7. This criterion may be adjusted on a site-specific basis if justified by the results of
detailed in situ and laboratory testing.

The use of the Chinese Criteria should be discontinued. Similar empirical index-test-
based criteria that do not adequately consider the differences between sand-like and clay-
like behavior may envelope soil conditions where certain types of ground failure have
been observed in past earthquakes, but generally do not provide adequate distinctions
with regard to the engineering procedures that are appropriate for predicting potential
ground failure in future earthquakes.

Analysis procedures for liquefaction and cyclic failure

For sand-like fine-grained soils, it is recommended that the potential for triggering of
liquefaction be evaluated using CPT- and SPT-based liquefaction correlations. These
correlations have been derived and applied in conjunction with the Seed-Idriss (1971)
simplified procedure for estimating earthquake-induced stresses. Idriss and Boulanger
(2004) provided a recent re-examination of these correlations along with updated
relations for the simplified procedure.

For clay-like fine-grained soils, it is recommended that the potential for triggering of
cyclic failure be evaluated using the procedures presented in this report. The proposed
procedures have been cast for use in conjunction with the Seed-Idriss simplified
procedure because it enables parallel analyses of clay-like and sand-like soils within the
same soil profile. The cyclic strength of clay-like soil is related to its monotonic
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undrained shear strength, which can be evaluated in several ways (in situ testing,
laboratory testing of high quality tube samples, or empirical relations). Guidelines were
provided for estimating cyclic resistance ratios for clay-like fine-grained soils when using
these different approaches to characterize the soil's undrained shear strength profile.

The potential consequences of cyclic failure in clay-like fine-grained soils can range
from relatively severe to inconsequential, depending on the soil's sensitivity, the specific
site conditions (e.g., presence of a slope or building foundation), and the level and
duration of earthquake motions. Thus, the triggering of cyclic failure in clay-like fine-
grained soils should not be assumed to necessarily imply that a major problem exists, but
rather that it is necessary to next evaluate the potential ground deformations.

Case history analyses

Three case histories involving ground failure in fine-grained soils during earthquakes
were analyzed using the procedures proposed herein. The analyses showed that the
observed ground deformations (and absence of deformations) could be predicted
reasonably well using procedures applicable to clays. Ground failure in the clay-like
soils at these sites had many of the same characteristics as ground failures in sands in
other earthquakes, illustrating the fact that field observations are sometimes insufficient
for distinguishing between sand-like and clay-like behavior of fine-grained soils or for
identifying the appropriate means for predicting that behavior.

e Fourth Avenue in Anchorage during the 1964 Alaskan earthquake.
The proposed procedures distinguished why ground failure (with movements up to 19
feet) occurred near the bluff, while the movements were small (less than 6 inches) at
greater distances from the bluff. The key factors contributing to these different
behaviors in the Bootlegger Cove clay were shown to be the slightly higher
overconsolidation ratios and lower static shear stress ratios away from the bluff.

e Carrefour Shopping Center in Turkey during the 1999 Kocaeli earthquake.

This unique case history reported by Martin et al. (2004) had in situ instrumentation
that showed significant vertical strains in the CL and CH strata at the site, leading
Martin et al to conclude that the CL layer had exhibited "liquefaction-type behavior"
while "a definitive explanation for significant earthquake-induced settlements in a
high-plasticity clay stratum (CH) in Lot C has not yet been found." The procedures
proposed herein predicted that the seismic loading at this site would be expected to
produce cyclic failure (significant permanent shear strains accompanied by vertical
strains) in both the CL and CH strata, with both layers behaving as clay-like soils.

e Waufeng Site A in Taiwan during the 1999 Chi-Chi earthquake.
Four locations were analyzed. At two locations, five- and six-story buildings
experienced significant settlements while the surrounding free-field areas were
relatively unaffected. At another location, one-story buildings and the surrounding
free-field areas showed no signs of foundation settlement or ground failure. The
remaining site was near 3-story buildings for which the observations were ambiguous,



but included minor distress in the free-field with no notice of building settlements.
These sites were underlain by 1 to 2 m of fill overlying 4 to 7 m of soft to firm fine-
grained CL, ML, and ML-CL soils. Analyses that focused on the potential for cyclic
failure in these clay-like soil layers provided a reasonable means for explaining the
occurrence of ground failure beneath the five- and six-story buildings and the general
absence of ground failure in the free-field or beneath the one-story building.

Future research

There are several important research avenues that are needed to advance our abilities
to predict ground failure in clay-like fine-grained soils during earthquakes. Further
development and validation of the procedures proposed herein will require a systematic
evaluation of the better-documented case histories involving ground failure in fine-
grained soils and the collection of additional experimental data on fine-grained soils near
the transition from sand-like to clay-like behavior. The consequences of cyclic failure in
clay-like soils also need to be better defined with due consideration of how the strength
of such soils may transition to fully remolded values with increasing levels of strain (or
ground displacement). Questions also remain regarding the appropriate procedures for
evaluating the behavior of clayey and silty sands with PI > 7, and the procedures for
predicting ground failure in strata comprised of highly inter-layered deposits of sand-like
and clay-like soils. Some of these questions may benefit from centrifuge modeling
studies that utilize the recent advances in in-flight characterization tools.

While a number of issues remain to be addressed, it is nonetheless hoped that the
procedures recommended in this report will prove useful in engineering practice for
assessing potential ground failure hazards in silts and clays during earthquakes. It is also
hoped that the material included in this report will provide a framework and a
springboard for future developments and refinements in this area.
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